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RESUMO

O numero crescente de carros a circularem na Europa nas ultimas décadas, bem como o
aumento de grandes centros comerciais, aeroportos e estagoes ferroviarias, aumentou
consideravelmente o numero de parques de estacionamento abertos. Uma maneira facil e
de baixo custo para a constru¢do ¢ a utilizagdo de uma estrutura mista a¢o-betio. Em
situagao de incéndio, a combustao generalizada (flash-over) é improvavel de ocorrer nesses
espacos abertos, e devem ser considerados incéndios localizados. Um incéndio localizado,
que se desenvolve num parque de estacionamento misto sem protecgdao contra incéndio,
conduz ao aquecimento dos elementos estruturais mais proéximos do incéndio: ligagoes,
vigas e colunas. O colapso de uma coluna sujeita a incéndio localizado provoca grandes
deslocamentos verticais nos andares superiores. Para atingir um equilibrio nesta
configuracao deformada, e assim evitar o colapso progressivo do edificio, desenvolvem-se
forcas de membrana nas lajes e nas vigas. Portanto, durante este evento, as ligacdes viga-
coluna estdo sujeitas a sequéncias particulares de carregamento, envolvendo principalmente
momentos flectores e esforcos axiais. Essas ligacoes devem resistir a nova distribui¢ao de
esforcos e ter ductilidade suficiente para poder sustentar grandes rotacbes, sem rupturas.
Para tal, a estrutura deve ser dimensionada tendo em conta a robustez necessaria para este

evento acidental.

O trabalho de investigacdo apresentado nesta tese estda inserido no projecto Europeu
RFCS ROBUSTFIRE, e no projecto Nacional IMPACTFIRE. As diversas fases deste
trabalho estdo relacionadas com um caso de estudo que envolve uma configuragiao
estrutural de um edificio tipico de parque de estacionamento aberto. O cenario considerado
¢ o colapso de uma coluna devido a um incéndio localizado (combustao de veiculos), e sao
consideradas as restricdes axiais devidas a estrutura nao afectada pelo incéndio. Este
trabalho tem como principal objectivo o estudo detalhado do comportamento de uma
ligagio mista ago-betao viga-coluna com placa de extremidade, aquecida pelo incéndio
localizado, quando esta sujeita a momentos flectores e esforgos axiais variaveis. Numa fase
inicial, realiza-se uma revisio das regras praticas actuais, e o estado da arte sobre a
concepcao e avaliacio de parques de estacionamento abertos sujeitos a um incéndio
localizado. Em seguida, a investigacao centra-se em estudos experimentais, numéricos e

analiticos:

) Realizam-se sete ensaios experimentais em ligagdes mistas ago-betdo viga-pilar
sob diferentes combinacdes de momentos flectores e esforcos axiais,
considerando nao s6 condi¢bes isotérmicas, mas também um cenario de

temperatura transitoria.



RESUMO

1i) Desenvolvem-se modelos numéricos 3D detalhados da ligacao mista, de forma a

reproduzir os ensaios experimentais.

1if) Finalmente, ¢ estudada a influéncia de alguns parametros que afectam a robustez
deste tipo de edificios (tais como temperatura, vao da viga, tamanho da ligagao,
etc...), usando os modelos numéricos desenvolvidos e um procedimento

analitico existente na bibliografia.

Em conclusiao, devido a reduzida esbelteza da viga mista, sio necessarias grandes
deformagoes para que se observe o desenvolvimento de forgas de membrana, e nestas
condi¢Oes, esta tipologia de ligacao mista ndo possui capacidade de rotagao suficiente para

alcangar o equilibrio na configurac¢ao deformada.

Palavras-Chave

Ligacdo mista ago-betdo | Incéndio localizado | Interac¢io momento flector-esfor¢o

axial | Ensaios experimentais | Analises numéricas
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ABSTRACT

The growing number of cars in Europe during the last decades, as well as the amount of
large shopping centres, airports and railway stations, have considerably increased the
number of open car park buildings. An easy and low cost way for the construction of these
open car park buildings is to use a composite steel-concrete structure. Under fire situation,
flash-over is unlikely to occur in these opened compartments and localised fires should be
considered. When a localised fire develops in an unprotected steel composite car park, it
leads to the heating of some of the nearby structural elements: connections, beams and
columns. The loss of a column under localised fire induces large vertical displacements in
the above floors. To reach equilibrium in the deformed configuration and avoid
progressive collapse of the building, membrane forces in the slabs, and catenary forces in
beam elements should develop. So, during the event, the beam-to-column connections are
subject to particular load sequences mainly involving bending moments and axial forces.
These connections are also required to have sufficient ductility in order to sustain large
rotations without brittle damages. Therefore, sufficient robustness should be provided to

the structure at the design stage.

The research work presented in this thesis is based on the European RFCS
ROBUSTFIRE project, and the National IMPACTFIRE project. The various stages of this
work are related to a case study involving a structural configuration that represents a typical
open car park building. The considered scenario is the loss of a column due to a localised
fire (burning cars), and the strong restraints to the beams provided by part of the building
not directly affected by this accident are taken into account. The behaviour of steel-
concrete composite beam-to-column joints in open car park buildings under column loss
scenario, due to fire, is investigated in detail. The main objective is to provide a detailed
analysis of the heated joint behaviour subject to variable bending moments and axial loads
when the column fails. First, a review of current practice and state of the art in the design
and assessment of open car parks subject to localised fire is performed. Then the

investigation is based on experimental, numerical and analytical results:

) Seven experimental tests are performed on composite steel-concrete beam-to-
column joints under different combinations of bending moments and axial
forces, considering isothermal conditions, and also one transient temperature

scenario.

1i) Detailed 3D numerical models of the heated joint are developed to reproduce

the experimental tests.

1ii
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1if) Finally, the influence of some parameters that affect the robustness of this type
of building (such as temperature, beam span, joint size, etc....) are studied using

the developed numerical models and an existing analytical procedure.

In conclusion, due to the low slenderness of the composite beam, high deformations are
necessary to develop catenary action, and in these conditions, this topology of composite
joint does not possess sufficient capacity of rotation to reach the equilibrium deformed

configuration.

Keywords:

Steel-concrete joint | Localised fire | Bending moment-axial force interaction

Experimental tests | Numerical analysis
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NOTATIONS

Lowercases

b

c

bets
eff,conn

b eff,c,wc

b eff,t,wb

Jekcube
Son
Je

Jo
Jupsteel
s
j?‘,e,steel
Tyt
h

b

Width of the column cross-section

Effective width of the concrete/composite slab in the vicinity of the joint
Width of the concrete/composite slab contributing to the joint behaviour
Effective width of column web in compression

Effective length of the equivalent T-stub representing the end-plate in
bending

Distance from the extreme fibre of the design compression zone to the

extreme fibre of the design tensile zone of the structural section

Design value of the cylinder compressive strength of concrete

Characteristic value of the cylinder compressive strength of concrete at 28
days

Concrete cube compressive strength

Mean value of concrete cylinder compressive strength

Axial tensile strength of concrete

Ultimate resistance of the connection component

Steel ultimate strength at temperature ¢/

Yield strength

Steel yield strength at temperature ¢

Yield strength of the beam web

Initial height of the column

Heat flux received by the unit of surface area exposed to fire at the ceiling

level
Height of the column cross-section

Distance between row 7 and the reference axis
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NOTATIONS

Bt Net heat flux received by the fire exposed unit surface area at the level of
the ceiling

by Horizontal distance between the beam support and half of the column
flange thickness

3 Adjustment factor: non-uniformity of temperature in the section

k, Adjustment factor: non-uniformity of temperature along the beam

Re Reduction factor due to the longitudinal compressive stress in the column

g Uniformly distributed load

r Horizontal distance between the vertical axis of the fire and the point along
the ceiling where the thermal flux is calculated

g Beam web thickness

y Parameter from Hasemi’s method

g Height along the flame axis (Heskestad method) / Distance between the
centre of compression and the centre of tension

2 Virtual origin of 7 axis (Heskestad method)

g Vertical position of the virtual heat source (Hasemi’s method)

Reone thickness of the concrete/composite slab contributing to the joint
behaviour

Uppercases

Aqg Design value of indirect actions from fire

D Diameter of the fire

Een Secant modulus of elasticity of concrete

F Vertical load applied to the specimen

Frg Compression load

Frai Force sustained by row 7

Fraq Ultimate resistance of the row, when the joint is subject to hogging bending
moment

Fra Ultimate resistance of the row, when the joint is subject to sagging bending
moment

Gy Characteristic values of permanent actions
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M gq

Mg g ra

M.

joint

7 &

z

pl,Rd

R R =

NOTATIONS

Vertical distance between the fire source and the surface area exposed to

fire at the ceiling level

Vertical distance between the floor and the fire source
Beam axial restraint stiffness

Span of the beam

Horizontal length of the flame

Vertical length of the flame

Bending moment

Applied bending moment at the beam
Design bending moment

Design bending moment for fire situation
Design moment resistant at temperature ¢
Bending moment at the joint

Axial load

Axial load at the beam

Design axial load

design resistance

Design value of a prestressing load

Rate of heat release of the fire
Convective part of the rate of heat release
Non-dimensional rate of heat release
Single axis load

Characteristic values of the variable actions 7

Reaction load at the beam support

Mean shear

Lowercase Greek letters

%

o

Asteel

concrete

Coefficient of heat transfer by convection
Coefficient of expansion of concrete material

Coefficient of expansion of steel material
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NOTATIONS

0,

vert,max

&b

e

‘Sc,tcnsion

&t

xvi

Transformation parameter that reflects the importance of the shear in the

column web panel at the point where the column web is under compression

Partial factor for bolt

Partial factor for concrete

Partial factor for resistance of cross-sections
Partial factor for steel

Partial factor for steel reinforcement

Maximum vertical displacement

Vertical displacement of the joint

Maximum axial contraction of axially loaded elements (e.g. column)
Strain of the bolt material

Strain of the concrete material

Tensile strain of the concrete material

Emissivity of the fire

Surface emissivity of the member

Nominal strain measure

Strain of the steel material

Logarithmic strain value

Critical temperature

Surface temperature of the member

Maximum temperature

Temperature of the member after 90 minutes of ISO fire
Reduction factor for plate buckling

Stephan Boltzmann constant

Normal stresses coming from axial loading of the column
Nominal stress measures

True stress value

Rotation of the joint at failure
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NOTATIONS

Required rotation of the joint from which tensile forces appear in the axial

restraint to beam

Frequent value of a variable action
Quasi-permanent value of a variable action

Reduction factor to allow for the possible effects of interaction with shear

in the column web panel

Uppercase Greek letters

D Configuration factor / Rotation of the connection
D, Ultimate joint rotation

Abbreviations

BFC Beam web and flange in compression

BT Bolt in tension
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Chapter 1

1 Introduction

1.1 Overview

The growing number of cars in Europe during the last decades, as well as the number of
large shopping centres, airports and railway stations, considerably increased the number of
car park buildings (LLe Pense, 2002). Nowadays, part of these car parks are built above the
ground (“open” car parks) because of a lower price per parking place, lower energy
consumption, use of natural light and natural ventilation (ArcelorMittal, 2007).
Consequently, an easy and low cost way for the construction of open car park buildings is
to use a composite steel-concrete structure. Steel and composite construction has also the
advantages to optimise the occupation of the car park and to improve the return on
investment by gaining floor area (ArcelorMittal, 1996). However, the increase of the market
share for steel and composite car parks in Europe is somewhat limited by the lack of
information on how these structures behave under fire. The combination between fire
loading due to burning cars allow a very fast fire growth rate, but the large natural
ventilation in this kind of buildings keeps the fire localised to the ignition zone. A localised
fire which develops in an unprotected steel composite car park leads to the heating of some
of the nearby structural elements (connections, beams and columns). This may result
locally in a significant reduction of the carrying capacity of one column and subsequently to
the loss of global stability of the car park. One way to prevent this type of failure consists,
at the design stage, to check successively — according to the location of the fire in the
structure — the stability of the structure in which one column would have been removed.
Such a procedure is certainly safe but may be considered as time consuming and
uneconomical. The use of active measures, as sprinklers may obviously be considered; but
such a solution increases the construction costs and requires a constant maintenance.
Moreover a severe fire may affect the proper functioning of these active measures. An
economical alternative consists in providing the structure with sufficient robustness. In this
approach, the structure is designed in such a way that an unforeseen event does not lead to

a disproportionate structural collapse. In other words, the structure is designed in a usual
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way, under classical loading situations, but should be able to undergo the complete or
partial loss of a structural element (here a column) without losing its global stability (Figure
1.1). The development, locally in the structure, of large deformations or displacements is

accepted, as long as progressive collapse is prevented (Jaspart ez al., 2008).
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Figure 1.1: Loss of a column and development of catenary action in the beams (Jaspart ez /., 2011)

The loss of a column under localised fire induces large vertical displacements in the
above floors, as well as high membrane forces in slabs, and catenary forces in beam
elements. In addition, during this event, the beam-to-column joints are subject to particular
load sequences involving bending moments, shear forces and axial forces (M-V-N
interactions). In order to behave properly in such conditions, structural redundancy and
local ductility at elevated temperatures are required from the various structural elements.
Ductility of joints is mainly required in order to avoid brittle damages and to dissipate
energy by undergoing large deformations after initial yielding without any significant
reduction in strength. Ductility in a system can be achieved by enabling the joints to
provide large rotations, so that membrane forces in the members can be activated, allowing
a redistribution of internal forces. These joints, heated by localised fire, are subject to
varying bending moments (decrease or even inversion of bending moment), combined to

axial tensile loads.

The work presented in the thesis herein is developed within the ROBUSTFIRE project,
a BEuropean Research Fund for Coal and Steel (RFCS) project. The various stages of this
work are related in a case study involving a structural configuration that represents a typical
open car park building, and the considered scenario is the loss of a column due to a
localised fire (burning cars). This structural configuration heated by the localised fire and
subject to the column loss scenario is the focus of experimental work and validation of
numerical models. Some parameters that influence the robustness of such a building are
also studied using the developed models. The experimental tests are performed on
composite steel-concrete beam-to-column joints under different combinations of bending
moments and axial forces, considering mainly isothermal conditions, but also one case of

transient temperature scenario.
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The next section (1.2) introduces the behaviour of beam-to-column joints: the
component method defined in Eurocodes is reminded, and the behaviour of joints in

accidental situation (fire and/or column loss scenario) is described.

1.2 Behaviour of beam-to-column joints

1.2.1 The component method

The component method is an analytical approach to design and characterize steel and
composite joints. This method was first developed for steel bolted beam-to-column
connections by Zoetemeijer (1974). Later, the efficiency and accuracy of the approach was
highly recognized and implemented in the European codes (EN 1993-1-8, 2005; and EN
1994-1-1, 2004). The full behaviour of partial semi-rigid joint behaviour is described in
Jaspart (1999).

The basic principle of the method consists in determining the complex non-linear
response of the joint through the subdivision into basic components. These components
represent specific parts of a joint; they contribute to one or more structural properties of
the joint, and they are activated either in tension, in compression or in shear. Each basic
component is characterized by a nonlinear force-displacement response, which can be
obtained by means of experimental tests or analytical expressions, and each one is modelled
by means of translational springs. The moment-rotation response of a whole joint can be
evaluated by assembling, into a mechanical model, all the individual components. The
spring model for a composite steel-concrete joint subject to hogging bending moment
developed by Fang e al. (2011) is shown in Figure 1.2; each spring represents a basic
component identified in Table 1.1.

Reinforced
Concrete flange

20 Primary ‘
beam

|
| COMPRESSION
ZONE TENSION ZONE | ZONE

Figure 1.2: Spring model for a composite steel-concrete joint subject to hogging bending moment
and axial tension load (Fang e# a/., 2011)

The application of a global plastic analysis requires the evaluation of the rotation
capacity for both members and joints, and the available rotation capacity of a joint depends

on the available deformation capacity of its components. The load-deformation behaviour
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of the basic components can be distinguished in three classes due to their mode of failure
(Simdes da Silva e al, 2001), with high ductility (e.g. CFB/EPB), limited ductility (e.g.
CWC), or brittle ductility (e.g. BT).

Table 1.1: List of the basic components that are part of composite steel-concrete flush end-plate

joint
Joint component Zone
Steel reinforcement in tension RT
End-plate in bending EPB
Column flange in bending CFB _
Column web in transverse tension CWT Fension zone
Beam web in tension BWT
Bolts in tension BT
Concrete slab in compression CSC
Beam flange and web in compression BFC Comzlz)rr(:sion
Column web in transverse compression CWC
Column web panel in shear CWS Shear zone

The two components specific to composite steel-concrete joints (Table 1.1) are:
longitudinal steel reinforcement in tension (under hogging bending moment) and concrete slab in
compression  (under sagging bending moment). The behaviour of longitudinal steel
reinforcement in tension may be assumed as elasto-perfectly-plastic and may be stressed up
to its design yield strength (EN 1994-1-1, 2004). It is assumed that all the reinforcement
within the effective width of the concrete flange is used to transfer forces, and the layers of
longitudinal reinforcement bars in the composite slab are assumed as bolt-rows in tension.
Regarding the deformation of the component, the code provides stiffness coefficients for
two composite joint configurations, single and double-sided joints. This stiffness
coefficient depends essentially on the elongation length of the longitudinal reinforcement
contributing to its deformation. In terms of deformation capacity, depending on the steel
ductility class, higher or lower deformation capacity may be obtained. To ensure ductility
for a plastic distribution of forces, reinforcement bars ductility class B or C should be used
(Demonceau, 2008). When the composite joint is subject to sagging bending moment
(bottom row in tension), the concrete slab component is activated under compression; but
no formula is provided in EN 1994-1-1 (2004) to define resistance and stiffness. Recently,
analytical formula to consider concrete slab component resistance was provided by
Demonceau (2008) (see chapter 5).

1.2.2 Behaviour of joints under fire

Traditionally, beam-to-column joints were assumed to have sufficient fire resistance due

to cooler temperatures and slower rate of heating, caused by the concentration of mass on
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the joint area; two reviews of past research works are described in Simdes da Silva e /.
(2005) and Al-Jabri ez al. (2008). The behaviour of steel and composite joints under nominal
temperature-time curves or Natural fire conditions (including heating and cooling phases)
has been largely studied based on experimental, numerical and analytical research works.
Real fires and experimental observations showed that, on several occasions, steel joints also
fail because of high strains induced by the distortional deformation of the connected
members (Santiago, 2008). Beam-to-column connections in a fire are exposed to a
combination of forces and moments, significantly different to the single bending moment
and shear force assumed at ambient design. The additional moments and axial forces in the
beam originate from restraint thermal expansion, large vertical deflections and rotations,

and effects of cooling on a plastically deformed structure (Block, 20006).

Most of the previous research works were focused on the connection behaviour during
the heating phase of the fire, while Santiago (2008), Zhao ez al. (2011), Hanus (2010) and
Lopes et al. (2013) also put emphasis on the behaviour of steel and composite steel-

concrete connections during the cooling phase.

During the heating phase, members in frames that are restrained axially by other cooler
members, experience significant temperature-induced compression forces that are coupled
with bending actions, which produce local buckling of the steel section. The combined
compression, bending, geometric nonlinearity and thermally degraded material properties
may lead to inelastic local buckling (Figure 1.3a) or to the development of plastic hinges as
temperatures increase. At high temperatures, these flange local buckling and yielding reduce
the stiffness at a localised region (typically near a connection), so that the member rapidly
develops tensile actions that can result in catenary actions (Figure 1.3b) (Heidarpour, 2007).

Ry
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Figure 1.3: a) Local buckling of beam web in shear and beam flange in compression (Santiago,
2008); b) Catenary actions (Simoes da Silva e al., 2013)

Under combinations of shear force, tying force and elevated temperatures, failure
modes of flush end-plate connections can change of component failure: from more ductile
components (as the end-plate) to more brittle components (bolts), as the bolt strength
reduces faster than structural steel with increase of temperatures. At elevated temperatures,
the use of thick end-plates can enhance the peak resistance, but reduces the rotational
capacity of the connection (Yu ¢f al., 2008a). According to Hu ez al. (2008b), the review of
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experimental results of flexible end-plate connections indicated that the minimum tying
resistance of 75 kN defined by the tying method (EN 1991-1-7, 2006) might not be assured
in a fire situation. As the rotation capacity of end-plate connections is reduced at increasing
temperatures, the connections may not possess the extensive ductility required for catenary

action and may fracture before catenary action is fully developed (Hu e7 4/, 2008b).

During the cooling phase, due to thermal contraction, tensile forces increase in the
beam; this contraction of the beam depends on the temperature development and mainly
on the tensile restraint. Connections and bolts are particularly vulnerable to these tensile
forces. In this stage, the lower bolt row shows the highest principal strains, which results
from the reversal of bending moment. Indeed, the large sagging moments develop since
the Young modulus and resistance recover their values, and the temperature decreases
faster on the bottom flange than on the top (Santiago, 2008). The risk of bolt broken
during cooling phase of real fire (Figure 1.4a, b) is really possible if two conditions are met:
high heating level and restrained effect (under high temperatures and high stiffness of axial
restraints, tensile forces increase). During the cooling down, tensile forces that occur in the
connection gradually increase in the hours after the fire, until the time that the construction
has completely cooled down. Therefore, connection failure during the cooling phase may
occur unexpectedly, even hours after the fire and at surprisingly low steel temperatures
(Santiago, 2008). Moreover, after a heating - cooling fire, there is a part of joint strength
that is not back when the joint is cooled, referred to as “non reversible” strength, and

indications for design of steel joints are not yet provided by Eurocodes (Zhao ez a/., 2011).

b)
Figure 1.4: a) Joint failure and b) bolt stripping (Santiago, 2008)

Block (20006), Sulong (2007), Sarraj et al. (2007), Santiago (2008), Fang (2012) and
Demonceau ez al. (2013) developed new models based on the component-based approach,
to study numerically connections under elevated temperatures subject to the combination
of forces and moments. They notably concluded that, by incorporating the actual stiffness
and strength characteristics of the connection, the fire resistance of a beam could be
enhanced compared to the case of an idealized pin-representation. In addition, the joint
behaviour under heating and cooling phases (compressive and tensile loads), can be

assessed.
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1.2.3 Joint ductility under column loss robustness scenario

In this section, the recent and relevant developments on the behaviour of bolted joints
under the column loss scenario are presented at ambient and elevated temperatures. A
more detailed literature review about the progressive collapse design and assessment may
be found in the Ph.D. thesis of Fang (2012).

The importance of structural resistance on the progressive collapse of buildings, subject
to accidental loads (such as blast or impact), was first highlighted by the partial collapse of
the Ronan Point apartment in London in 1968, in which a full cascading failure was
initiated by a local damage due to gas explosion. After this event, UK building regulations
were the first, in 1985, to address requirements for the avoidance of disproportionate
collapse, followed by the other design codes such as Eurocodes or US codes. EN 1991-1-7
(20006) describes the principles and application rules for the assessment of accidental
actions on buildings and bridges (impact forces, actions due to internal explosions, actions
due to local failure from an unspecified cause). In this code, robustness is defined as #be
ability of a structure to withstand events like fire, explosions, impact or the consequences of human error,
without being damaged to an extent disproportionate to the original caunse. This means that the
structure should have sufficient resistance and ductility in order to avoid that an initial local
damage leads to a progressive collapse of the structure. Annex A of EN 1997-1-7 (2000)
provides rules and methods for designing buildings with an acceptable level of robustness
to sustain localised failure without a disproportionate level of collapse. Two different
strategies are possible: i) strategies based on identification of the accidental actions (fire,
explosion, flood, impact or earthquake) and ii) strategies based on limiting the extension of
localised failure (Figure 1.5). The recommended strategies range from measures to prevent
or reduce the accidental action, to the design of the structure to sustain the action. When
the accidental actions are not identified, the strategies are based on limiting the extent of
localised failure: the aim is to provide sufficient robustness to the structure in order to
survive during a period sufficient to facilitate the safe evacuation and rescue of personnel
from the building and its surroundings. To prevent progressive collapse, different design
methods are available, classified as direct or indirect design methods. The direct design
approach relies extensively on structural analysis and is concerned with quantifying the
structural resistance under local damage scenarios or levels of extreme loading (Fang ez al.,
2011). Two methods are typically used in the direct design approach: i) designing the
structure with enhanced redundancy, so that in the event of a localised failure (e.g. failure
of a single member), the stability of the whole structure or of a significant part of it, would
not be endangered (alternative load path method); ii) designing key elements, on which the
stability of the structure depends (key element method). The indirect design approach
focuses on enhancing structural robustness through continuity, redundancy and ductility
between the structural members (tying method). This approach is more prescriptive than
the direct design method, though both approaches are typically found in the design codes.

These strategies allow local failure to occur when subject to an extreme load, but seek to
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provide alternate load paths so that the initial damage can be contained and major collapse

can be prevented.

| ACCIDENTAL DESIGN
SITUATIONS

STRATEGIES BASED ON IDENTIFIED
ACCIDENTAL ACTIONS

e.g. explosions and impact

STRATEGIES BASED ON LIMITING THE
EXTENT OF LOCALISED FAILURE

DESIGN THE
STRUCTURE TO
HAVE SUFFICIENT
MINIMUM

PREVENTING
OR REDUCING
THE ACTION
e.g. protective

DESIGN
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ENHANCED
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Figure 1.5: Strategies for accidental design situations (EN 1991-1-7, 20006)

One of the key mechanisms to mitigate the spread of “domino” effect is to redistribute
the applied load on damaged members through catenary action (Yang and Tan, 2011a).
However, only a very few practical guidelines on how to achieve this goal are provided, and
even basic requirements to fulfil are not cleatly expressed (Jaspart and Demonceau, 2007).
Following the World Trade Centre disaster, some researchers have identified joint integrity
as a key parameter to maintaining structural integrity under catenary action, and have
conducted extensive research works on it. It was shown that the development of the
catenary action is beneficial for structures against progressive collapse, but for fully
developing catenary action, no weak sections should exist and the requirement of
continuity for the beam-to-column connection should be fulfilled (Liu, 2010). Low ductility
joints can induce a premature failure prior to the development of catenary action (Foley e#
al., 2008; Simoes da Silva ef al., 2003), because tying capacity does not develop before the
connections become sufficiently distressed and start to shed load; and an appropriate
balance between strength, stiffness and ductility in the connections is really important
(Nethercot, 2011). According to the recent European COST action (TU0601 - Robustness
of structures), robustness is related to internal structural characteristics such as redundancy,
ductility and joint behaviour characteristics, and the consequences of structural collapse
strongly depend on the specific scenario of events (Faber, 2011). However, there are
relatively very few research studies of the joint behaviour when subject to abnormal loads,

especially for bolted steel connections (Yang and Tan, 2011b).
Previously, the European RFCS Robustness project (Kuhlmann ez a/., 2009) derived

robustness requirements in order to develop good practice recommendations for the
design of robust steel and composite structures. Extensive experimental and theoretical
investigations on the behaviour of steel and composite joints in framed structures were
performed, and special focus was given to the exceptional events: loss of a column, loss of

a bracing, fire and earthquake. The method used in the Robustness project was the
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redundancy approach, or alternate load path method, to ensure that the structure subject to
the loss of a column and the unaffected part of the structure have sufficient robustness and
do not collapse. In this approach, the structural steel building should have inherent
sufficient ductile material behaviour allowing deformations when local failure occurs
(Kuhlmann ez al, 2007). Experimental tests performed within Robustness project are
described in chapter 3. At the University of Licge, the exceptional scenario “loss of a
column” in a building structure has been under investigation for a few years with the final
objective to propose design requirements to ensure an appropriate robustness of structures
under the considered scenario (Demonceau e al., 2011). In particular, simplified analytical
methods have been developed to predict the static and dynamic response of 2D steel and
composite frames further to a column loss (Demonceau, 2008; Luu, 2009; Comeliau, 2009);
investigations are presently in progress to extend these methods to 3D structures. A
simplified analytical method was also developed to draw the entire M-N curve of steel and
composite steel-concrete joints at ambient and elevated temperatures (Cerfontaine, 2004;
Demonceau, 2008; Demonceau ¢ a/., 2013). This method is described in detail in chapter 5.

Koztowski et al (2011) and Yang and Tan (2011a, b) have recently performed
experimental tests of steel and composite steel-concrete sub-frames subject to the middle
column removal scenario, considering the effect of axial restraints to beams. These tests are
described in chapter 3. It was notably evidenced that there is a need to investigate the
influence of height of composite beam as well as other details of the joint on the

robustness behaviour of frame systems.

Based on a detailed numerical model, Alashker ez a/. (2010) investigated key parameters
(deck thickness, steel reinforcement, and the numbers of bolts in the shear tab connection)
influencing the robustness of generic composite floors subject to the removal of a centre
column. It was shown that increasing the thickness of the steel deck and reinforcement
mesh could mitigate the potential for progressive collapse, but only when there is sufficient
capacity and ductility of the connections; and, adding more bolts in fin-plate connections

might not be that beneficial in increasing overall collapse strength.

A design-oriented methodology for progressive collapse assessment of multi-storey
buildings was developed at Imperial College (Izzuddin ez al., 2007 and 2008; Vlassis ez al.,
2008; Pereira, 2012), and it allows to determine ductility demand and supply. Pereira (2012)
studied a rate-sensitivity of robustness of multi-storey steel-composite buildings under
column loss. The research focused on the development of an enhanced deterministic
robustness assessment framework which considers material rate-sensitivity and accurate
component ductility. It was included a detailed nonlinear component response up to its
failure, which inherently defines the ductility limit of a steel-composite frame with partial-
strength connections. He showed that explicit modelling of the joint components and the
consideration of successive component failures provides higher individual beam ductility

and strength.
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Thermal effects such as thermal expansion, thermal bowing, and material deterioration
can considerably complicate the prediction of structural behaviour, and these are not yet

considered in current guidelines dealing with progressive collapse (Fang, 2012).

Sun et al. (2012) developed a robust combined static-dynamic procedure in Vulcan,
allowing tracing the progressive collapse of structures under fire conditions (with flash-
over). Sun wrote that results from previous research works suggest that it is now possible
to eliminate fire protection to some steel beams without compromising its overall structural
fire resistance safety, but the steel columns are critical members and their behaviour affects
the overall stability of the frame. The influences of load ratio, beam section and bracing
systems, based on a simplified 2D modelling of a frame with rigid connections, were
studied under fire. Sun e a/ (2012) concluded that 1) the bracing system is helpful to
prevent the frame from progressive collapse; ii) the axial force in the connections jointed to
the failure column should be paid special attention in design, and iii) the stiffer lateral
system can generate larger axial force in the connections, and smaller vertical deformation
of failed column at re-stable position (but the global failure temperature of the frame is not

sensitive to the lateral stiffness of the frame).

Using the advanced non-linear finite element program ADAPTIC (Izzuddin, 1991),
Fang et al. (2012 and 2013) investigated the progressive collapse resistance of the fire
damaged eight-storey reference steel-composite car park studied in the present thesis (see
description in section 1.3). Dynamic effects associated with idealised sudden column loss
scenarios were considered in the model, in order to predict a reliable ductility demand of
the car park subsequent to column loss due to vehicle fire (Fang, 2012). Figure 1.6 shows
the modelling strategy of the car park, that takes account of bending and axial resistances
of the joint, as well as the degraded joint performance under elevated temperatures.
According to the ductility of the joint components, maximum axial and yielding
deformations were suggested in Kuhlmann ez 2/ (1998) and Simdes da Silva ez a/. (2002).
The load-deformation behaviour of the basic components was distinguished in three
classes due to their mode of failure (high, limited or brittle ductility - see section 1.2.1), and
all the components classified with high ductility were considered to have an infinite
deformation capacity in tension. Fang ef al. (2013) suggested new values for high ductility
components: maximum deformations of 25 mm and 35 mm should be employed as an
additional failure critetion for all bolt-rows in endplate connections and cleat/angle/fin

plate connections at ambient temperature, respectively.

Fang ¢t al. (2012) concluded that the collapse mode of the typical car park under vehicle
fire near an internal column can be mainly governed by the failure of the surrounding
unaffected members, e.g. peripheral ambient joints in the cooler part of the slab, while the
behaviour of the localised fire-affected part might be less important. In this study, Fang ez
al. (2012) considered web stiffeners in the reference car park for all major axis joints, and
failure of the peripheral ambient joint under hogging bending moment is due to the rupture
of the reinforcement in tension. The localised fire-affected joint fails because of shear

failure of the joint leading to punching shear of the fire affected floor, which increases the

10
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potential for progressive collapse (Fang es al, 2013). It is found that only protect steel
beams and steel decks with fire coating can be unexpectedly ineffective for localised fire
conditions and in some cases may even cause adverse effects on structural robustness
under localised fire due to the elimination of thermal expansion. Some solutions to
improve structural robustness under localised fire were suggested, such as applying column
and joint fire protections without applying beam and slab fire protections, or improving the

joint ductility and slab resistance.

Sub-structural model Reduced model
Upper floor

Boundary
spring
Point load from \
l upper floors @/v I—'WV— |

Figure 1.6: Modelling strategy of the reference car park (Fang ¢ al., 2013)

1.3 Purpose and scope of this research

1.3.1 The European RFCS ROBUSTFIRE project

The European RFCS ROBUSTFIRE project (Demonceau e al., 2013) focused on the
study of the behaviour of steel and composite open car park structures subject to the loss
of a column due to fire. A design philosophy aiming at the economical design of car parks
exhibiting a sufficient robustness under localised fire was developed in the present project,
and practical design guidelines for the application of this design philosophy throughout
Europe were derived (Demonceau e¢f al., 2013). In order to reach this goal, the project was

divided into five basic tasks:

i) Definition of the problem and selection of the appropriate investigation ways: derivation of

all structural requirements for car park structures (dimensions, layout, loads,
fabrication/construction/erection constraints, realistic fire scenarios, etc....),
and design of a reference structure under normal loading and in accordance with

Eurocodes;

11
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iii)

1v)

V)

Study of the structural individual response of the affected structural elements (columns,
floor)

investigations, and derivation of analytical approaches for the prediction of the

beams, connections, through  experimental and/or numerical

individual response of the abovementioned structural elements;

Study of the structural response under selected fire scenariof(s): evaluation of the

distribution of temperatures in the structure and in the constitutive structural
elements during the exceptional event, development of various numerical
procedures for the evaluation of the stability and the resistance of the structure
further to the

sophistication), derivation of a simplified event-independent and Eurocode

event (sophisticated models with different levels of
compatible approach for the evaluation of the robustness of the structure
(simplified model);

Derivation of desion recommendations,

Application of the “event-independent” robustness requirements on a case study.

A typical open car park structure with eight floors was specially designed for the project

(task 1)). This building was defined as the most common as possible so that the design rules

derived from the studies of this building can be used for general design rules for open car

park buildings, ensuring sufficient robustness under fire conditions. The selected structure

was a braced open car park building with eight floors of 3 m height, composite slabs,

composite beams and steel columns (Figure 1.7). The main and secondary beams were
defined by IPE 550 and IPE 450, respectively (steel grade equal to S355). The cross-section
of steel columns varied according to the floor (HEB 550 at the bottom two floors, HEB
400 and HEB 300 at the middle floors, and HEB 220 at the top two floors), and the steel

grade of the columns was S460. The lateral bracing of the structure was ensured by

concrete ramps (at both sides) required for the car circulation.

Figure 1.7: Steel composite open car park building designed for the ROBUSTFIRE project
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At the end, the project provided a simplified model which allows checking the
robustness of the car park through a “scenario-independent” approach. This model limits
the investment of a design office in terms of calculation costs, but in return, it provides a
non-excessive but actual level of conservatism. More sophisticated models were also
available to practitioners who would prefer to follow a numerical approach (choice of the
model, distribution of temperatures, substructure to be studied, loads and boundary
conditions to apply). Through the present project, the practitioners have nowadays at their
disposal design approaches, at different levels of sophistication, allowing checking the

robustness of composite car parks under localised fire.

1.3.2 Obijectives of the thesis

The thesis reflects the author participation in the research ROBUSTFIRE project, as a
member of the research group ISISE-SMCT at the Civil Engineering Department of the
University of Coimbra. The work of the thesis is mainly focused on the study of the
behaviour of composite steel-concrete beam-to-column joints in open car park buildings;
the investigation is based on experimental, numerical and analytical work. The main
objective of this research is to provide a detailed analysis of the heated joint behaviour
when it is subject to variable bending moments and axial loads. In order to reach this goal,

the work is divided in four main tasks:

1) A review of current practice and state of the art in the design and assessment of open car parks

subject to localised fire is performed,

if) The required knowledge on the bebavionral response of the joint directly affected by the localised

fire is investigated by complex experimental tests. These experimental tests are

developed at the Steel Construction Laboratory of the Department of Civil
Engineering at the University of Coimbra. Seven composite steel-concrete joints
are tested under variable mechanical (bending and axial forces) and thermal
loadings. The composite joint at the fifth floor of the open car park building
designed for the ROBUSTFIRE project (Figure 1.7) is considered. It is
composed of two unprotected composite steel-concrete beams IPE 550 steel
cross-sections (grade S355), concrete C25/30, and one unprotected HEB 300
cross-section steel column, grade S460. Ten steel reinforcement bars of diameter
12 mm are placed in the composite slab at each side of the column to take part
in the composite joint resistance.

1if) Detailed numerical models of the joint subject to combined bending moment, axial loads and

temperatures are_developed and calibrated against the tests. The numerical part of the

work corresponds to a detailed three-dimensional finite element (FE) model
reproducing the experimental tests. The objective of this work is to observe, in
detail, the combined bending moment and axial loads in the heated joint. The
structural frame is modelled combining 3D beam and solid elements with
contact interactions, thereby taking into account the effect of the local failure

modes. Due to the complex behaviour of a restrained beam under fire, the FE
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model allows for the inclusion of initial geometrical imperfections, non-linear
temperature gradient, geometrical and material nonlinearity and temperature
dependent material properties. These models are calibrated against the
experimental tests results, and provide a complex model for further studies of
the composite joint behaviour when the column fails.

1v) Additional extensive study of the joint behaviour under combined bending moment and axial

load is_performed based on numerical and analytical results (at ambient and elevated
temperatures). Based on FE and analytical results, the influence of some

parameters such as temperature, beam span, joint size, etc.... on the robustness

of tall open car park buildings is observed.

1.4 Organisation of the thesis

The thesis is divided into six chapters. In the first chapter, a global overview of the
behaviour of beam-to-column joints at ambient temperature, under fire and subject to high
ductility demand (robustness study) is described, and the objectives and organization of the

research are drawn.

The second chapter provides a general idea about the open car park buildings in fire
situation: from the structural behaviour under a localised fire observed in real fire tests to
the verification and design rules published in different countries, including an example of

application of fire design.

Chapter three describes and discuss the experimental program performed to investigate
the behaviour of the composite joint directly affected by the localised fire, and subject to
combined bending moment, axial loads and elevated temperatures. The column loss

robustness scenario due to the localised fire is considered.

Chapter four describes the numerical models of the composite steel-concrete joint
subject to the loss of a column at ambient and elevated temperatures. The detailed three-
dimensional model is calibrated with the experimental tests results, and the combined
bending moment and axial loads in the heated joint is observed and discussed against the

experimental evidences.

In chapter five, the behaviour of the joint is analysed based on: 1) numerical results
(obtained from FE models developed in chapter four) and ii) analytical results (using the
analytical method developed at the University of Licge). This analytical procedure is
presented in detail and its applicability to steel and composite joints under elevated
temperatures is demonstrated. At the end, based on the results, knowledge about the effect
of some parameters that influence the robustness of tall open car park buildings, such as

temperatures, beam span length, joint size, etc..., is enlarged.

Finally, chapter 6 points the main conclusions of this research, the design considerations
for open car parks with sufficient robustness, and important subjects to be further

developed.
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2 Design of steel and composite open car parks

under fire

2.1 Introduction

Steel and concrete are the most commonly used materials for car parking, and open car
park buildings with unprotected steel or composite steel-concrete structures is a solution
frequently used in many countries of the centre and north of Europe, or even in United-
States, Canada or Japan. There are many advantages of a composite steel-concrete structure
for open car park buildings: i) shorter on-site construction schedule due to the
prefabricated elements, and consequently lower construction cost, as well as lower
environmental impacts during construction; ii) flexible column spacing up to around 16 m,
allowing to locate the columns at the back of the parking bay which facilitates vehicles
maneuvers (Cajot e al, 2003); iii) reduced column section size in comparison to a concrete
structure, which increases the parking spaces; and iv) reduced weight, and smaller
foundations, in comparison to concrete structures (ArcelorMittal, 2007). Moreover, steel
structures are robust, sustainable, of easy maintenance and can easily accommodate vertical

enlargement (Corus, 2004).

This solution has become quite competitive since the National regulations have been
adapted taking into account the document: Fire safety in open car parks, the oldest reference in
this subject, published in 1993, ECCS - Euwropean Convention for Constructional Steehyork
(ECCS, 1993). This document was a first attempt to clear up the differences between fire
safety requirements of open car parks for all European countries, according to information
and test results available throughout the world. However, the fire safety requirements,
including structural fire ratings and provision of active fire protection system such as
sprinklers, still vary between different building codes. In some countries, steel or composite
steel-concrete structures are not recommended because they are required to be fire rated by

the building code, and is conditioned by the fire resistance demands (K) from the National
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regulations. In that case, concrete structure will be more cost effective, despite the

numerous advantages of a composite steel-concrete structure.

A car park as part of a building can be classified as open or closed depending on the
ventilation condition. The main advantages of open car parks are: i) lower energy
consumption, ii) natural light, that contributes to the human comfort and safety of users,
iif) natural ventilation, and iv) attractive architectural design. In addition, open car parks

present specific characteristics that must be considered in the fire design.

Every fire in a building starts as a small localised fire, and the fire ceases to be localised
when flash-over occurs (Franssen and Vila Real, 2010). Where flash-over is unlikely to
occur or has not yet occurred, thermal actions of a localised fire should be considered (EN
1991-1-2, 2002). In large compartments like car parks, airport terminals, big industrial halls,
or even at open spaces, uniformly distributed temperatures characteristics of post-flashover

stages are totally unlikely to occur (Kamikawa ez 4/, 2003).

The structural behaviour of the car park under fire can be analysed by specific
combinations of mechanical and thermal loads defined in EN 1990 (2002), EN 1991-1-1
(2002) and EN 1991-1-2 (2002). The methodology proposed in Annex C of EN 1991-1-2
(2002) for localised fires can be adapted to calculate the thermal loads of open car parks. In
this case, fire scenatios are used to define the curve of the real rate of heat release of the
burning vehicles, and thus to obtain an adequate fire characterization, against the traditional
nominal fire curves defined by EN 1991-1-2 (2002). The vertical position of the virtual heat
source, the height, the diameter of the fire, the rate of heat release and the distance
between the fire source and the ceiling define the heat flux to the structural elements.
Finally, simplified and advanced calculation methods are presented in EN 1993-1-2 (2005)
and EN 1994-1-2 (2005) for calculating the resistance of structural elements in fire,
depending on the fire safety requirements of each country. In France, CTICM - Centre
Technique Industriel de la Construction Métalligne - validated this computing method to justify
the use of unprotected steel frame resistance for the fire design, and the French legislation
allowed this design methodology since 2004 (“Arrété ministériel du 2 mars 2004”).

The objectives of this chapter are: i) to present a fire engineering methodology, for
assessing the structural behaviour of steel and composite open car parks under fire, based
on a Natural Fire Concept; ii) to compare the legislation of several European countries
regarding the fire safety in this kind of building; and iii) to illustrate this design
methodology through its application to an open composite car park with eight floors
(Demonceau ez al., 2013) and to compare the results with those obtained through advanced

calculation methods.

The work described in this chapter has been published in Haremza ez a/. (2013b).
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2.2 Literature review

2.2.1 Steel columns subject to localised fire

Annex C of EN 1991-1-2 (2002) proposes a simplified analytical methodology to assess
the thermal action of a localised fire. The heat flux received by the members located at the
ceiling level is calculated by one of the simplified methods: i) Heskestad’s method, when
the flames are not impacting the ceiling (Heskestad, 1995), and ii) Hasemi’s method, when
the flames are impacting the ceiling (Hasemi and Tokunaga, 1984). In open car park
buildings, the height of each storey is usually short to optimize the building size (the
minimum free height under beam for cars and vans is at least equal to 2.1m (ArcelorMittal,
2007)), and flames of burning cars impact the ceiling; so, in this work, more emphasis is
given to the Hasemi’s method (details are provided in section 2.5.3). Hasemi’s method
provides the heat flux received by the surface area at the ceiling level. The background of
the method is experimental: a gas burner was placed under an unconfined flat ceiling, the
height of the ceiling was adjusted in each test, and the heat flux to the ceiling surface was
recorded (Schleich e# al., 1999b). Thus, the method cannot be used for vertical members
such as columns, and no other simplified method is provided by the codes. In Tondini e a/.
(2014), the fire performance of a composite steel-concrete open car park was recently
analysed according to: 1) the simplified method presented in EN 1991-1-2 (2002), and ii) an
advanced analysis that relies on numerical FDS (Fire dynamic simulator)-SAFIR coupling. In
the simplified model, the column temperature was assumed to be uniform and equal to the
calculated Hasemi’s temperature at the top of the column. Much more conservative results
were obtained with the simplified method: the results showed the collapse of the structure
after 27 minutes, wheteas the structure survived the whole duration of the most critical fire

scenario (86 min.) when the advanced analysis was used.

Recently, many researchers have investigated the thermal behaviour of steel columns
subject to localised fire (Kamikawa ez 4/, 2003; Wald ez al, 2009; Bystrom et al., 2014,
Ferraz, 2014; and Zhang e al., 2014). The experimental and numerical results showed that
temperatures in steel column are influenced by: i) the position of the localised fire (distance
to the fire source, column adjacent to the fire, or column surrounded by the fire), ii) the
plume height (impacting or not impacting the ceiling), and iii) the ventilation conditions.
The temperature evolution along the height of the column was proved to be dependent on
the fire model (impacting or not impacting the ceiling). For columns exposed to fires
impacting the ceiling, average temperature rises very slowly along the height of the column,
but near the ceiling, an exponential increase is reached. For columns exposed to fires not
impacting the ceiling, the maximum temperatures are reached in the lower part of the
column (Ferraz, 2014). For columns surrounded by the fire, the failure situation is assumed
to be equal to columns subject to post-flashover fires (Zhang e al, 2014). For columns
adjacent to a localised fire, the buckling temperature of the column may be much lower

than those for columns subject to uniform heating conditions (Zhang ez al., 2014). The
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European RFCS project LOCAFL - Temperature assessment of a vertical steel member subjected to

localised fire - is actually in development and should soon bring additional results.

In the numerical models, for columns adjacent to the localised fire (Figure 2.1a), the
flame can be modelled by a solid from which a flux is emitted (Sokol, 2009; Vassart e/ 4/,
2011; Zhang et al., 2014). This model relies on a representation of the flames by solid
surfaces that change properties depending on the intensity of the fire sources (Vassart ¢ al.,
2011). When the flames do not impact the ceiling, a solid cylinder can be used (Figure
2.1b); when the flames impact the ceiling, geometries may involve a cylinder for the main
part of the flame and a disk on the top to reflect the flames impacting and spreading on the
ceiling (Figure 2.1c).

9

Figure 2.1: a) Fire plume when the column is adjacent to the localised fire (Ferraz, 2014); b)

Radiative flux from source to element and c) different shapes of the flame (Tonicello e a/., 2012)

2.2.2 Open car park buildings subject to localised fire

From experimental tests performed in real steel-concrete car parks, Butcher ef a/. (1968)
was the first to conclude that a burning car is unlikely to cause uncontrollable fire spread
within a car park and the damage to the car park building is not critical. These results were
confirmed by Gewain (1973), which added that steel provides adequate safety against
structural collapse under a car fire. Bennetts ¢ a/. (1987) concluded that the probability to
involve more than two cars in a fire is very low because the fire brigades arrive before, and
the safety could be assured with unprotected steel. More recently, in 2000, three car fire
tests were carried out in a two-level braced car park with unprotected steel and concrete
slabs, by CTICM, within the European Project — Demonstration of real fire tests in car parks and
high buildings (Joyeux et al., 2002; Zhao and Kruppa, 2004). The aim of these tests was to
prove to the French authorities that fire severity achieved by this realistic scenario is lower
than the fire severity obtained by the fire curve ISO 834; consequently, reduction or even
no fire protection could be accepted. From the two first tests with three cars, the central
one being the first to be ignited up (Figure 2.2), the authors concluded that the fire
engineering methodology based on the scenarios is adequate: the fire spread from one car
to another, but structural deformations were far from leading to the collapse of the

structure, although some bolt failures were observed.
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Figure 2.2: Fire scenarios for the tests 1 and 2 (Joyeux ez al., 2002)

Table 2.1 presents the peak values of temperatures in steel members according to the
previous experimental studies; the older fire tests showed lower temperatures than the
recent French test. The evolution of the composition of cars (more plastic, therefore a

faster combustion) and the high fuel capacity may explain these higher temperatures.

Table 2.1: Maximum steel temperatures reached in fire tests in various countries

Maximum measured steel

Full scale fire tests temperatures,.
Beam Column
UK, 1968 (Zhao and Kruppa, 2004) 275°C 360°C
Japan, 1970 (ECCS, 1993) 245°C 242°C
USA, 1973 (Butcher ez al., 1968) 226°C -
Australia, 1985 (Bennetts e al., 1987) 340°C 320°C
France, 2000 (Joyeux ef al., 2002) 700°C 640°C

Additionally to the previous tests, some statistics of real fires in car parks were analysed
in Paris, New Zealand, Brussels, etc... based on the reports from fire brigades. In Paris,
three is the maximum number of cars involved in fires and it corresponds to only 10% of
the fires in open car park buildings. All fires in car parks (with cars or other fire load) were
stopped before 1 hour, with 5.5% of car fires extinguished before the arrival of firemen
(Joyeux et al., 2002). In New Zealand, only 3% of fires involved multiple vehicles (Li and
Spearpoint, 2007). Statistics collected in Marseille, Toulouse and Brussels in open car parks
(Li, 2004), noticed that a maximum of two cars were involved in a fire, and in Toulouse,

only 6.1% of the fires happened in open car parks.

These previous statistics and experimental tests show that fires in open car park
buildings: i) have never led to any local collapse of the structure, and most of unprotected
steel open sided steel-framed car parks has sufficient inherent resistance to withstand the
fire effects; ii) are not frequent; iii) rarely involve more than three adjacent vehicles; iv) have

never killed someone (only a few persons were recorded to be injured, and they were the
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owners of the cars). The main reasons that justify previous evidences are: in contrast to
closed car parks, open car parks are characterized by high ventilation that keeps the fire
limited on the ignition zone. Indeed, in an open car park building, the fire propagates from
a burning car to another by radiation, convection and/or scattering of the fuel: by
radiation, fire propagates sequentially from a car to another, but when the fifth or sixth car
is burning, the combustion of the first one has already ended; the propagation of the fire by
convection in an open car park building well ventilated is unlikely to occur because hot
gases have little impact on the cars; and the scattering of the fuel only happens in inclined
floors (Cwiklinski, 2001).

A detailed literature review can be found in the Ph.D. Thesis of Li (2004); the review
covers the study of severity of the vehicle fires in a parking building situation, detailed
statistics of vehicle fires in parking buildings, and experiments on the severity of vehicles
fires. Li (2004) also evaluated the probabilities of such fires, and presented a cost-benefit

analysis model for the provision of sprinklers in parking buildings.

Recently, the behaviour of the composite slab of an open car park building subject to a
localised fire was studied numerically by Zhao e a/. (2011). Steel and concrete composite
floor system was used, all steel beams were kept unprotected, and the membrane action
was considered in fire design. It was shown that: 1) the total deflection of the steel and
concrete composite floor under localised car fires can become very important, but does not
exceed that of a fully vertically restrained composite floor under generalised compartment
fire; 1i) tensile strain develops during the heating phase in the concrete slab at the edge part
of buildings, which requires to link the reinforcing steel mesh of concrete slab with edge
steel members in order to avoid possible cracks of concrete; iii) during the cooling phase,
the tensile strain in the concrete slab could increase at the edge part of the floor, and
therefore leading to more risk of the failure of connection between concrete slab and edge
steel beams (Zhao ez al., 2011).

2.3 Fire scenarios

The fire scenario (position of the vehicles) should represent the most unfavourable
situation for the elements (or substructure). The vehicles’ type mostly used in fire scenarios
are cars, classified according their calorific potential or combustion energy (E) (Joyeux ez al.,
2002); five classes of cars are defined: class 1 - E = 6000 MJ (ex. Peugeot 106); class 2 - E
= 7500 MJ (ex. Peugeot 300); class 3 - E = 9500 M]J (ex. Peugeot 400), and classes 4 and 5 -
E = 12000 MJ (ex. Peugeot 605 or 806). According to French statistical studies of actual
fires in car parks, 90% of the vehicles involved in a fire are classified as class 1, 2 or 3
(Joyeux ¢ al., 2002). The INERIS - Institut National de I'Environnement Industriel et des Risques
(Cwiklinski, 2001), considers that fire scenarios with cars of class 3 should be used to
evaluate the structural stability of the car park under fire, and the fire resistance of the

structure should be ensured during the entire fire scenario, or at least, if allowed by
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National requirements, up to a certain resistance time R of the elements defined as for the
ISO curve. In addition, a scenario including a commercial vehicle (van containing 250 kg of
highly flammable material: E = 19 500 MJ) corresponds to an extreme situation and should
only be used to check the global behaviour of the structure, assuming local collapse,
without progressive collapse (Fraud ez a/., 2004).

In this section, five fire scenarios recommended or already used for the study of fires in
car parks are presented and described. ECCS (1993) indicates that one or two vehicles in
fire correspond to the most critical scenario in an open car park. One car burning at mid-
span under the beam (corresponding to the maximum bending moment position) is
defined as scenario 1 (Figure 2.3). The scenario 2 involves two burning cars, one on each
side of the column; this fire event was considered being the most dangerous for the
columns (ECCS, 1993). INERIS defines three additional fire scenarios (Fraud e a/., 2004):
1) scenario 1 of ECCS, but with a commercial vehicle under the beam, ii) scenario 3 -
involving seven class 3-cars, with possibility of a commercial vehicle in places 0 or la
(Figure 2.3), iif) scenario 4 - involving four class 3-cars parked face to face, with possibly a
commercial vehicle in places 0, 1a, 1b or 2. According to INERIS, and for all scenarios, the
fire spread time from a vehicle to another is 12 minutes (Fraud ef af, 2004); the initial
document prepared by ECCS recommended a time delay equal to 15 minutes (ECCS,
1993). The evolution of the composition of vehicles may also explain the decrease in the
time delay (see Section 2.2.2). Another scenario already considered by CTICM (Joyeux ez
al., 2002) is scenario 5 (Figure 2.3): three class 3-cars, parked side by side. According to the
same statistical source, a scenario of 3 class 3-cars (scenario 5) involved in a fire is an

envelope scenario of around 98.7% of all possible scenarios.
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Figure 2.3: Fire scenatios (represented in the car park studied in the thesis; dimensions in m).
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2.4 Rate of heat release from vehicles

The model of a car under fire presented in the ECCS report (1993) is based on
experimental fire tests: it was observed that the flames extend out of the car, mainly
through the windscreen and the rear window. The hot gases in the flames and above them
move upward due to buoyancy; this flow of gases corresponds to the fire plume. The
burning car is divided into two plumes, which are called as the front and the rear fire
plumes (Figure 2.4), and the sum of the heat releases included in the two fire plumes is

equal to the heat release of the vehicle.

2000

Figure 2.4: Front (F) and rear (R) fire plumes (ECCS, 1993)

In order to calculate the heat release, cars under fire have been experimentally studied in
several countries (Li, 2004). Most of the tests were performed in closed conditions. In the
90’s (1994), Mangs and Keski-Rahkonen carried out the first tests in opened conditions. It
was obtained that the total heat release of a European car from the 70’s, burning in an
open car park building, is equal to 4000 M]J. Between 1993 and 1996, the European project
— Development of design rules for steel structures subjected to natural fires in closed car parks (Schleich ez
al., 1999a) — developed a design guide for closed car park structures subject to localised
natural fires and established more realistic standards in Europe. Within this project, ten
full-scale calorimetric fire experiments on old and recent European cars were performed by
CTICM. In the first six tests, class 3-cars from the 70’s and 80’s were tested, while in the
last four tests, newer cars (reference time: 1995) were used to simulate an open car park
(Cwiklinski, 2001). Based on these tests, reference curves of rate of heat release for two
class 3-cars (one car as fire source and another one subject to the spread of fire with 12
minutes of delay) were defined (Schleich e al, 1999a). These curves allow simulating
multiple burning cars: Figure 2.5 presents the references curves for three consecutive
burning class 3-cars, with maximum 8.3 MW. For commercial vehicles, CTICM suggests a
maximum value of rate of heat release equal to 18 MW this value is considered as a "safe

value" for design, but this is not a measured value (Fraud ez a/., 2004).
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Figure 2.5: Curves of rates of heat release from burning of 3 vehicles, class 3.

2.5 Structural behaviour

2.5.1 Combination of actions

The combination of actions for car parks under fire corresponds to the accidental
design situations presented in EN 1990 (2002):

Zj21 Gk)i + P+ Ad + ¢1,1<’Qk,1+ ZiZZ ¢2,'i’Qk,i (Eq 21)

Liz1 Gy + P+ Ag + Xz 9, O, (Eq.2.2)

Wherte: G, ate the characteristic values of permanent actions /; P is the design value of a
prestressing load (if available); 4, is the design value of indirect actions from fire; and Qk,i
are the characteristic values of the variable actions 7 The difference between (Eq. 2.1) and
(Eq. 2.2) is the coefficient ¢ applied to the leading variable action "QkJ: the coefficients for
the frequent value ¢, and for the quasi-permanent value ¢, are considered in (Eq. 2.1) and
(Eq. 2.2), respectively. In case of a car park (traffic with vehicles smaller than 30 kN), the
coefficient for the frequent value ), and for the quasi-permanent value ¢, are respectively

equal to 0.7 and 0.6; guidance may be given in the National Annex. The simplified
combination of actions can be written as:

1.0 G, + 0.7 (or 0.6) O, (Eq. 2.3)

Note that (Eq. 2.2) will lead to the situation where no horizontal action is considered in

the fire situation, because the quasi-permanent value of the wind ¢, is equal 0.0 (Franssen
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and Vila Real, 2010). For this reason, the Portuguese National Code NP EN 1991-1-2

(2010) recommends to use the cocfficient for the frequent value ¢, , equal to 0.7.

2.5.2 Mechanical loads
The load model which should be used, given by EN 1991-1-1 (2002), is a load ¢,

uniformly distributed on the floors, for global design resistance, and a concentrated load
O, for local design resistance. A single axis with the load {, applied on two square surfaces
(Figure 2.6) should be located in the position which will produce the most adverse effect of
the action. Concerning characteristic values of the live loads, the EN 1991-1-1 (2002)
recommends that ¢, be selected within the range 1.5 to 2.5 kN/m” and O, be selected
within the range 10 to 20 kNj; the recommended values are underlined, but they may be set
by the National Annex.

0.1m 0.1m
= Mﬁ
01lm Q2 —-——---—-——-—- -~ - Q2 ﬂm

1.8m

Figure 2.6: Dimensions of axis load

‘J(

2.5.3 Thermal loads

The steel temperature of structural elements can be calculated in two ways: i) a
simplified method that assumes a uniform temperature throughout the steel cross-section,
and 1i) an advanced method that considers the evaluation of the temperature field in the
cross-section using finite element models. In this section, the simplified method given in
EN 1991-1-2 (2002) is considered. The heat flux received by the members located at the
ceiling level due to a localised fire is calculated by one of the simplified methods presented
in Annex C of this code: i) Heskestad’s method, when the flames are not impacting the
ceiling, and i) Hasemi’s method, when the flames are impacting the ceiling. The length of

the flame I is obtained by:
Le=-1,02D + 0,01480%°  [m] (Eq. 2.4)

where D [m] is the diameter of the fire (for a vehicle with an area equal to 12 m’
D =39m (Schleich et al, 1999a) and QO [W] is the rate of heat release of the fire,
established in accordance with Annex E.4 of EN 1991-1-2 (2002). In this Annex, the heat
release for car park occupancy is not specified; however, the experimental values presented

in section 2.4 are considered in this study.

2.5.3.1 Heskestad’s method
When the flames are not impacting the ceiling (L; < H), EN 1991-1-2 (2002) suggests

that the temperature in the plume along the symmetrical vertical flame axis is given by (Eq.
2.5) (Heskestad’s method):
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-5/3 o
0y =20 + 0,250 (5-3,) " 900 [°C] (Eq. 2.5)

Where the heat flux Q. [W] is the convective part of the rate of heat release
(0. = 0.8 0), z|m] is the height along the flame axis and g, [m] is the virtual origin of g
axis. More details can be found in Annex C of EN 1991-1-2 (2002).

2.5.3.2 Hasemi’s method

When the flame is impacting the ceiling (I, > H), the net heat flux /., [W/m’] received

by the fire exposed unit surface area at the level of the ceiling is given by:

boe=h - o (00y-20)+® ey &0 [ (0, + 273)%- (20 + 273)*]  [W/m] (Eq. 2.6)

where / is the heat flux received by the unit of surface area exposed to fire at the ceiling
level, «, is the coefficient of heat transfer by convection [W/m’K], 6, is the surface
temperature of the member [°C], @ is the configuration factor, &, is the surface emissivity

of the member, & is the emissivity of the fire and o is the Stephan Boltzmann constant
(5.67 x 10-8 W/m’K").

The heat flux was measured by radiometers located at the ceiling level during the
experimental tests (Arbed, 2001). These radiometers measure the temperatures of hot gases

(6,) mixed with the influence of the cold ambience (0,,p) around the localised fire, and the

heat flux / received by the unit of surface area exposed to fire is given by:
b= 0 (O b)) 4P e 00 [(0,+ 273) " Gy + 273" W/} (Eq. 2.7)

On the fire exposed surfaces, the net heat flux hoer should be determined considering
heat transfer by convection and radiation (EN 1991-1-2, 2002) as:

Dot = hoere + hoery = 0 (0-00) + @ ey 50 [(0g + 273)4- (9, + 273)4]

) (Eq. 2.8)
ot (G tums) + 0 (Oamy ) + @ .0 | (0, + 273) - (O, + 273)*| +

D ey o1 0 [ty + 273)* (O + 273)°]

Finally, (Eq. 2.6) is found, with 6,.,;, = 20°C.

Hasemi’s method is a simple tool for the evaluation of the localised effect of a fire on
horizontal elements located above the fire, and it cannot be used for vertical elements such

as columns.

The net heat flux / from the fire of each vehicle to the horizontal structural members

depends of the following parameters (Figure 2.7): H, [m] is the vertical distance between

25



CHAPTER 2

the fire source and the floor (equal to 0.3 m according ECCS (1993)); H [m] is the vertical
distance between the fire source and the surface area exposed to fire at the ceiling level; »
[m] is the horizontal distance between the vertical axis of the fire and the point along the
ceiling where the thermal flux is calculated; y is a parameter that depends on the diameter
D, the rate of heat release O and on the distances H and 7. The net heat flux / is calculated
according (Eq. 2.9) (EN 1991-1-2, 2002):

£ =100 000 ify<0.3
h =136 300 - 121 000 y if 0.3< y <1 [W/m?] (Eq. 2.9)
h =15 000 y>’ if1<y
Where y is calculated by:
o 7+H+{'
I Loty (Eq. 2.10)

Where z' is the vertical position of the virtual heat source as given by (Eq. 2.11) [m], and
L,, is specified according to (Eq. 2.12):

=240 ( (¢})""(¢})"") when 0" < 1.00

(Eq. 2.11)
, N5 .
2'=24D( 1.0(¢})"") when 0 2 1.00
2= 00(g)"” (Eq. 2.12)
With:
O =—%—and 0 = —<— (Eq. 2.13)
H  111x100H*3 D 1.11x10°D*5

The heat flux from several localised fires is the sum of the heat fluxes obtained for each
fire, with a maximum value of 100 kW/m* (Eq. 2.9); this limit was deduced from
experimental tests made by Hasemi (Arbed, 2001).

The temperature of a beam at the ceiling level can be defined using the Hasemi’s
method, where the distance H needs to consider the beam profile section height. No
recommendation is provided in the code to define this distance; Franssen and Vila Real

(2010) consider two situations:

) For a section located just above the fire source: the distance between the fire
source and the beam bottom flange can be considered and lead to safe results (it
is assumed that all surfaces have the same level as the bottom flange),

ii) For a section located far away from the fire source: the Hasemi’s method is

theoretically only applicable for surfaces located at the ceiling level and the beam
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top flange can be considered as a safe approximation (the flame is normally

constrained under the ceiling).

According to Schleich e al (1999b), the net heat flux () may be multiplied by a
correction factor equal to 0.85 to account that the flame is deviated under the beam;
however, this proposal is not considered in EN 1991-1-2 (2002).

To

Hs
LI //g////////// A

[

Figure 2.7: Parameters used in the Hasemi’s method to calculate the heat flux from the vehicle to
the surface area exposed to fire at the ceiling level

2.5.4 Fire design of steel members

According to EN 1993-1-2 (2005) and EN 1994-1-2 (2005), there are three approaches
to design structures exposed to fire: i) fire testing (very expensive and time consuming), ii)
simplified methods, and iif) advanced methods. The simplified methods are based on
conservative assumptions and allow the design of individual members. The advanced
calculation methods apply engineering principles in realistic and specific situations; they can
be applied to the fire analysis of any structural member. In the application example

presented in section 2.7, these two last approaches are compared.

2.5.5 Structural fire behaviour of steel memberts

The best characterization of the structural fire response of open car parks is the real
evidence or experimental tests that reproduce closely the reality, such as the study
performed in 2000 by CTICM (Joyeux e/ al., 2002). The three fire tests were performed in a
real unprotected composite steel-concrete car park; the first one included three class 3-cars
(scenario 5 in Figure 2.3). The tested structure was defined by beams IPE 550 and columns
HEB 200 and a steel-concrete composite slab connected to the beams by shear connectors;
no fire protection was considered in the steel profiles. The fire test took 1 hour and 20 min.
and the maximum gas temperature near the ceiling reached 1040°C above the vehicle 0;
however, the average gas temperature during the 15 minutes of higher temperatures was
510°C, which means that a peak temperature was reached only during a very short time.
The maximum temperature in the beam lower flange at a distance of 2.5 m from the
column (half length of the vehicle) was 700°C with a gradient of 250°C in the cross-section
of the beam. The column flange exposed to fire reached 640°C and 480°C respectively at
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2m and 1 m above the ground, with a gradient in the cross-section of 140°C and 150°C
respectively. The maximum vertical displacement of the beam was -70 mm (or 0.4% of the
length); after cooling phase, a residual deformation of +25 mm was observed. Just above
the cars, lateral buckling and local buckling of the lower flange of the beam were observed.
In the beam-column joint, 6 bolts (in a total of 8) broke, but no collapse of the structure

was observed.

2.6 Fire requirements in different European countries

The definition of open car park can differ from country to country. ECCS (1993)
considers that a car park may be considered as “open” if for every parking level, the
ventilation areas in the walls are situated in at least two opposite facades, equal to at least
1/3 of the total sutface area of all the walls, and cotrespond to at least 5% of the floor area
of one parking level. Table 2 presents the limitations, the general requirements for fire ISO
834 and the indication of acceptance or not of alternative design conditions in different
European countries. It is showed that in some countries, this type of building does not
require (or very few) any time of resistance under fire (ex.: RO in Italy or R15 in U.K.).
Portugal is one of the countries with the highest requirements for fire resistance of
structural elements (from R60 to R180); however, the use of Natural Fire as an alternative
to ISO fire is accepted and it is also allowed limiting or avoiding any fire protection on steel
elements. This table also shows that, actually, still some of European countries prescribe
long fire time of resistance under the ISO fire, and do not indicate anything about the use
of Natural Fire (Hungary, Spain and Poland). In France and Finland, the use of bare steel is
allowed if the fire safety is proved by tests or scientific studies.

According to the ECCS report (1993), steel structures in open car parks do not require
fire protection, and therefore have economic advantages. The fire safety of these structures
is ensured by the following conditions: i) the design at room temperature (or “cold
design”), according to the current rules, is the basic condition for the stability of the
structure in the fire situation; no additional measures for fire neither a special “hot” design
are required; ii) beams with composite steel concrete section including shear studs should
be used; for economic reasons, it is recommended to use light weight sections (IPE,
HEAA and UB); iii) large flange sections (HEA, HEB, UC) should be considered for the
columns; and iv) horizontal forces must be supported by frames or bracings (protected
against fire). Additionally, CTICM (Fraud ef a/, 2004) indicates: i) use the same cross-
sections for all columns in the same floor; these columns must be filled with concrete
between the flanges, ii) use of concrete stairs to increase the horizontal stability and to be
used as emergency stairs; iii) use a minimum steel grade of S355, and minimum concrete
class of C30/37; iv) steel beams connected to the concrete slab by shear studs with a
minimum degree of connection of 80%; v) concrete slabs built in situ or precast concrete;
the essential point is the static and structural integration of the slab in the load-bearing
system (ECCS, 1993).
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Table 2.2: Resistance requitements of open car parks in Europe, according to the ECCS (1993), and
updated in accordance with the INERIS (Cwiklinski, 2001) and other documents

Limitations
Alternative design
Minimum percentage . diti
of openings (%) Maximum General conamons
COUNTRY Openings Dist. Floor requirements
Openin /walls | between c Building = area for fire ISO
}:ﬁ rgS and  opposite . height | per 834 No fire  Natural
o0 facades | facades stories (m) stoty protection | fire (*3)
) (m) (m?)

Germany - 33 70 - 22 - RO (*5) / /
Austria - 33 70 - 22 - Up to R90 Yes Yes
Belgium

(Moniteur Belge, - 17 60 - - - RO (+5) / Yes
2007)
Denmark 5 - 24 - - - ROR(*;()) 0 Yes Yes
. R60 to R120
Spain - - - - - - ) - -
Finland 10 30 - 8 - 9000 R60 No (*4) Yes
France
(ArcelorMittal, 5 - 75 - - - Up to R60 No (+4) Yes
2007)
RO (#5) to
Netherlands - 30 54 - 20 - R30 / /
Hungary - - - - - - R30 (E% R90 No No
Ttaly 15 60 - - - - RO - -
Luxemburg
(ArcelorMittal, - 50 - - - - ROR(*;()) to / /
1996)
Norway - 33 - - 16 5400 | R10 to R60 Yes -
Poland - - - - 25 4000 R60 No -
Portugal (Diario
da Republica,
2008a); (Diario (The code does not distinct gpen and closed car park buildings) | R60 to R180 - Yes
da Republica,
2008b)
UK 5 - 90 - 15.2 - R15 Yes Yes
Sweden - - - - - - Up ;c%R% Yes Yes
Switzerland - 25 70 - - - RO (+5) / /

(*1): Total atea of openings / total area of walls and fagades surrounding one parking level.
(*2): General requirements of National Building Code.

(*3): Use of Natural Fire as an alternative to ISO fire to prove the fire resistance.

(*4): Bare steel is allowed if this can be proved by tests or scientific studies.

(*5): If specific structural conditions defined in National code are met.
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As open car park buildings have general/typical dimensions with few variables, Corus in
UK (Corus, 2004), ArcelorMittal in the center of Europe (ArcelorMittal, 1996, and 2007)
and OneSteel (2004) in Australia have already developed some typical sizing data sheets or

examples in order to avoid the advanced sophisticated calculations.

2.7 Example of application

The design methodology based on fire scenarios is exemplified by the application to the
open composite steel-concrete car park with 8 floors described in chapter 1 (Figure 1.7).
The main and secondary beams are defined by IPE 550 and IPE 450, respectively (steel
grade equal to S355). In this example, four localised fires scenarios are studied in order to
check the design of the secondary beam with two spans of 16 m each (IPE 450), the main
beam with spans of 10 m (IPE 550) and the column of the fourth floor (HEB 300).

The fire scenario chosen for the secondary beams is scenario 1, with a vehicle under the
mid-span of the beam (critical situation for the cross-section with sagging bending
moment), whereas scenarios 4 and 5 correspond to the worst scenarios for the column
study (Figure 2.3). Only class 3-cars are considered. For the main beam (IPE 550), scenario
3 is the worst fire scenario.

The design fire load is calculated considering (Eq. 2.1) with ¢ = 0.7 and ¢ = 2.5
kN/m?% (Eq. 2.14) and (Eq. 2.15) provide the design loads for the secondary beam and the

primary beam, respectively.
1.0 G+ 0.70,=1.0x7.77kN/m + 0.7 x 8.18 kN/m = 13.50 kN/m (Eq. 2.14)

1.0 G+ 0.7 0,= 1.0 x25.91 kN/m + 0.7 x 26.16 kN/m = 4422 kN/m  (Eq. 2.15)

2.7.1 Design according to the simplified method in the temperature

domain

The fire design of a structural element can be performed in the temperature domain,
time domain or resistance domain. Two domains are checked for the study of the

secondary beam:

1. Temperature domain: it is considered that the element has a uniform temperature

distribution and the failure is expected to occur when this temperature exceeds
the critical temperature (). In case of a localised fire, temperature is not
uniform along the beam and using a critical temperature of the element is very
conservative.

ii. Resistance domain: the resistant bending moment of the structural element Mg o g4

should be compared to the applied bending moment Mg 4 (assuming no lateral

buckling because of the concrete slab).
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Steel temperatures can be easily determined with program Elefir-EN (Vila Real and
Franssen, 2010), considering the following data: i) definition of the localised fire according
to the number of vehicles included in the scenario, ii) curve of the rate of heat release of
each car (Figure 2.5); iif) diameter of the fire, D (for each car: D = 3.9 m); iv) distance H
between the heat source and the surface area exposed to fire (see section 2.5.3.2), with
H, = 0.3 m; and v) horizontal distance between the vertical axis of the fire and the point
along the ceiling where the thermal flux is calculated, » (m) (Figure 2.7). For each scenario,
the flame length I, (Eq. 2.4) is greater than the height of the floor: the flame impacts the
ceiling, so the Hasemi’s method is considered.

The critical temperature (f.;,) is also calculated with the program Elefir-EN (Vila Real
and Franssen, 2010), according to EN 1993-1-2 (2005). The beam is exposed on 3 sides
(the top flange supports the concrete slab), the adjustment factor £, (non-uniformity of
temperature in the section) is equal to 0.7 and the adjustment factor £, (non-uniformity of
temperature along the beam) is considered equal to 1. Figure 2.8a shows the results of the
critical fire scenario 1; the critical temperature is equal to 653°C and a maximum
temperature (f,,) of 706°C is reached in the beam after 28 min. In this case, it is necessary
to protect the beam using 4 mm of cement with vermiculite, for example. If resistance
domain is considered, the composite behaviour of the beam can be considered. The
maximum sagging bending moment Mg 4 is equal to 244.5 kNm (mid-span), and at 28
min. of fire (706°C), the bending moment resistance of the composite beam is
Mg gra = 255 kNm, assuming a uniform distribution of temperatures in the steel beam, and

the concrete slab remaining at ambient temperature. So no fire protection is needed.

1000 - R90 1000 R90

%\J/ 800 // g 500 | /

L BRRN L
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5 400 | 4 g 400 - ‘
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= 0 ime (min.) .-l 0 4" Time (min.) e
0 20 40 60 80 100 120 0 20 40 60 80 100 120

—ISO-834 ——Steel temp. (ISO) —I80-834 ——Steel temp. (ISO)

---- Steel temp. (Scen. 1) — Critical temp. ---- Steel temp. (Scen. 3) — Ciritical temp.
a) Beam IPE 450 (scenario 1) b) Beam IPE 550 (scenario 3)

Figure 2.8: Comparison between the steel temperature in beams IPE 450 and IPE 550 subject to
ISO 834 fire and to the most unfavorable fire scenarios for each beam

Scenario 3 with seven cars (Figure 2.3) is the critical fire scenario for the main beam
(IPE 550). Figure 2.8b shows the temperature curves: the critical temperature is equal to
724°C and a maximum temperature of 543°C is reached in the beam after 32 min.; no fire
protection is needed, even in the more conservative temperature domain. However, if
Portugal regulation is considered, the structure resistance should be R90 (this building has
more than 9 m in height, and it is 2 category of risk (Diario da Republica, 2008a,b));
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moreover, if curve ISO 834 is used to check this structure for the resistance R90, 11 mm
and 16 mm of cement with vermiculite are needed to protect main and secondary beams,

respectively. Table 2.3 in section 2.7.3 summarizes and compares these results.

2.7.2 Design according to the advanced calculation methods

The design of the same structure through an advanced calculation method is now
presented and the results are compared with those obtained in section 2.7.1. Since with the
method based on fire scenarios, no fire protection is needed to the main beam, advanced
calculation method will only be applied to composite secondary beam (scenario 1).
Additionally, the advanced calculation methods are also used to evaluate the fire resistance
of the column (scenarios 4 and 5). The finite element program Abaqus (2012) is used to

perform the thermal and structural analyses.

2.7.2.1 Thermal analysis

The thermal loads for the beams are defined taking into account the following
procedure: i) the gas temperatures that surround the beam are calculated using the program
Elefir-EN: as the flame impact the ceiling, the Hasemi’s method is considered and the gas
temperature corresponds to the flame temperature (H = 2.25m); ii) a heat transfer analysis
is performed in Abaqus for each composite section located along the beam (emissivity
factor equal 0.7 and convection coefficient equal to 35 W/m’K); the model of the
composite beam is developed using 2D deformable element DC2D4. Figure 2.9 depicts the
temperatures evolution in the steel beam section for each scenario; the presented curves
correspond to the cross-sections with maximum temperatures: mid-span of the beam for

scenario 1, and at 2.5 m from the column for scenarios 4 and 5.

(31000 ] Mid-span (}1000 2.5 m from the columm 1000 2.5 m from the column
5 800 1 %gsoo - $800 -
2600 2600 2600 -
o [0 2
£400 400 - 5400 -
8 & g
3 200 - 5 200 - §200 -
7 0 _Time (min) > 2 0 _ Time (mm) g 0 ~ Time (rmn)
0 15 30 45 60 75 90 0 15 30 45 60 75 90 s 0 15 30 45 60 75 90
---Web—Bottom fl. —--Top fl. ---Web—DBottom fl.—- Top fl. - --Web—DBottom fl. —- Top fl.

a) Scenario 1 b) Scenario 4 ¢) Scenario 5

Figure 2.9: Temperature evolution in the secondary beam IPE 450

Figure 2.10a-c presents the variation of the average temperature in each section of the
secondary beam during the fire for each scenario, while Figure 2.10d presents the variation
of the average temperatures in each section of the secondary beam versus the position, at
30 min. of fire. In these charts are represented the weighted average temperatures of the

steel beam section.
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Figure 2.10: Variation of the weighted average temperatures in section of the secondary beams IPE
450: a),b),c) versus time; and d) after 30 min. of fire versus position along the beams

2.7.2.2 Mechanical analysis

In this example, the two dimensional frame includes the secondary beams of 16 m
length each (Figure 2.11) and the columns (weak axis). The composite beams are modelled
with an equivalent rectangular section (identical section and inertia than the real composite
beam; additionally inertia considering cracked concrete is considered near the supports).
The beams affected by the fire scenarios, developed at the fourth floor, are modelled by
beam elements for the steel profile, and shell elements for the slab (the composite slab is
simplified to a reinforced concrete slab of thickness equal to 120 mm). The width of the
slab is 3.4 m, which corresponds to the effective width at mid-span. The initial deformation
of h/1000 (3 mm) is applied to the columns. Beam elements are used for the beams and
the columns not directly affected by the fire. Mechanical loads correspond to the values
presented at the beginning of section 2.7. Only third, fourth and fifth floors are modelled,

taking into account loads from the upper floors.
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Figure 2.11: Studied car park versus numerical 2D frame (loaded)

The calculated temperature gradients are directly applied to the steel beam sections in
the static analysis, using the option “predefined fields”. The concrete slab is assumed to be
at ambient temperature throughout the analysis. This assumption was based on the results
from the CTICM tests (Joyeux ef al, 2002): maximum temperature equal to 250°C was

measured at the bottom of the slab and in an area restricted to the area of fire.

The scenario 4 corresponds to the worst fire scenario for the column, with four class 3-
cars burning around it. Because no accurate (and simple) method is defined to calculate the
column temperature in case of a localised fire, the temperature at the column top is
assumed to be the same than an HEB 300 beam (calculated by Hasemi’s method). This
temperature is applied uniformly along the column height (except below the heat source, at
0.3 m above the floor, where 20°C are considered as temperatures should remain low
enough to consider that no material degradation is induced). The concrete properties are
set in accordance with EN 1992-1-2 (2004), and steel properties vary with temperature, as
defined in EN 1993-1-2 (2005).

Figure 2.12 shows the development of the vertical displacement at the beam mid-span
for each fire scenario. For the scenario 1, a maximum displacement equal to 122 mm
downwards (which includes the initial displacement of 21 mm due to the mechanical
loading) is reached after 15 min. of fire. After the fire, the beam shows a residual camber,
with a displacement at mid-span equal to 102 mm upwards. Because i) of the high thermal
gradients in the cross-section of the composite beam (unheated concrete slab), and ii) the
axial restraint to thermal expansion due to the lateral bracing and the unaffected part of the
building, high compression loads develop at the beam bottom flange, which invert the
bending moment from sagging to hogging moment. This thermal bowing develops at the

beam mid-span after 17 min. of fire.

Under scenario 4, the column is not able to resist to the entire fire and fails by yielding
of the cross-section after 28 min. of fire (three plastic hinges are developed at the top,
bottom and at mid-height of the column - Figure 2.13). However, according to the

statistics, this scenario never happened in reality in an open car park building, and the
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application of uniform temperatures along the column height is a very conservative
hypothesis (Schleich e @/, 1999a). An additional verification of the column, based on the
realistic fire scenario 5 including three burning cars, is performed. For this scenario, the
column temperatures measured during the first French test (Joyeux e al, 2002) are
assumed: average values of 405°C and 570°C were measured at 1 m height and at 2m
height, respectively. The column and the beams resist to this fire scenario, with maximum

196 mm of beam vertical displacement at 32 min (Figure 2.12).
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Figure 2.12: Evolution of the beam IPE 450 mid-span vertical displacement during fire
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Figure 2.13: Frame deformation at 28 min of fire (scenario 4): column failure (scale 5)

Standard ISO 834-1 (1999), relating to fire resistance tests, indicates that failure of an
element subject to bending under fire should be considered when the maximum vertical
displacement 4, exceeds the values indicated by (Eq. 2.16):

2

b < 7= 1123 mm (Eq. 2.16)

Where L [mm)] is the span of the beam and # [mm] is the distance from the extreme
fibre of the design compression zone to the extreme fibre of the design tensile zone of the
structural section. The maximum displacements of the studied beam are lower than these
values, and it can be considered that the beam does not fail under any of these fire
scenatios. For the column, the same standard limits the maximum axial contraction e, max

of axially loaded elements to (Eq. 2.17):

h
gvert,max < ﬁ = 30 mm (Eq 217)
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Where 4 [mm] is the initial height. The studied column reached this limit after 28 min.

of fire in scenario 4, but reached smaller contraction (max. 24 mm) in scenario 5. French

prescriptions (Fraud e a/, 2004) usually prescribe to add concrete between the column

flanges in order to protect the column (see section 5), which is a solution that could be

done if scenario 4 needs to be checked.

2.7.3 Summary of the results

Table 2.3 summarizes the results obtained for the beams and the column, according to

the simplified and advanced methods.

Table 2.3: Summary of the design results for beams IPE 450 and IPE 550

Simplified method
Advanced method
Temperature / resistance domain
Scenario 1 | Scenario3 | ISO 834 Scerlmno Sce‘fﬂo Sce‘;ano
IPE 550 . Omax= 543°C 0=90min= . . .
Oe=T2400) | | G2miny | MOOT°C Ll
Prot.*: ex.: cement N d 11 mm
with vermiculite o o nee thick o o o
IPE 450 | fa™ 706°C o = o =
i 0 =90min — }
(o= 653°C /| (PO L | B 122 e 196 mm
— fi,0,Rd — . .
M =2 N | moy ) | o2 min).
Prot*: ex.: cement | 4 mm thick / 16 mm
with vermiculite No need** o thick No need o No need
Column HEB . . . . Overt > 30 | Oyeremax
_________ 300 ] omm =24 mm ]
Prot.*: ex.: concrete
- - - - |
between flanges Need No need

*Prot. = fire protection

** If resistance of the composite beam is considered

2.8 Concluding remarks

The fire design of steel and composite structures from open car park can be made in
accordance with FEurocodes: EN 1991-1-1 (2002) defines the mechanical loads, while
Annex C of EN 1991-1-2 (2002) presents a simplified method for determining the flame

temperature around the beams. The calculation of these temperatures depends on the total

rate of heat release, which is determined based on the fire scenarios. The reference curve

for the rate of heat release was defined based on experimental tests results performed on
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actual vehicles. Finally, EN 1993-1-2 (2005) and EN 1994-1-2 (2005) present the

calculation models for these structures.

From previous experimental tests in real open car park buildings, it was concluded that
most of unprotected steel open sided steel-framed car parks has sufficient inherent
resistance to withstand the effects of any fires that are likely to occur. These results have
encouraged to change the legislations in several European countries, allowing to build steel
or composite steel-concrete open car parks without fire protection, taking into account a
design based on the actual performance of the structure and not on prescribed nominal

design curves (that in most of the cases, require fire protection with considerable
thickness).

EN 1991-1-2 (2002) proposes the Hasemi’s method which is a simple analytical tool for
the evaluation of the localised effect of a fire on horizontal elements located above the fire.
For horizontal elements, the simplified method based on fire scenarios is fast to use, and it
was shown in the example that unprotected composite steel-concrete beams (secondary or
primary) resist to the localised fire. Design of columns under localised fires can only be
done, for now, using advanced models; no accurate and simple method is available to
calculate the column temperature due to a localised fire. When the assessment of the real
strength of the structures is required, allowing optimizing the design, the choice must
involve the use of advanced calculation methods rather than simplified methods (Joyeux ez
al., 2001). The example presented in this chapter clearly showed the advantage of using the
design methodology based on fire scenarios against the use of ISO curve; it was verified

that the unprotected composite steel-concrete structure resists to the studied fire scenarios.

In conclusion, the design methodology based on fire scenarios allow optimizing the
structure to benefit from an appropriate level of fire safety, reducing the fire protection and
therefore the final cost of this type of building. However, nowadays, the use of advanced
calculation methods instead of simplified ones is still required for optimized designs of
open car park buildings. In the codes, simplified analytical methods to design steel
members under localised fire do not provide: i) any method to define temperatures in
vertical elements such as columns, and ii) any way to consider the failure of the element
based on its temperature. Indeed, the critical temperature provided in EN 1993-1-2 (2005)
is only valid for steel elements subject to uniform temperature distribution; as observed in
recent research works, the behaviour of a column subject to localised fire may be totally
different than from that in a standard fire (Zhang ez al., 2014).

In the simplified models developed to apply the design methodology, rigid beam-to-
column joints were considered. The behaviour of the heated composite beam-to-column
joint is studied in detail in the following chapters, under a scenario that would lead to the

total collapse of the column.
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3 Experimental tests on beam-to-column joints
subject to localised fire, bending moments and

axial loads

3.1 Introduction

The work presented in this chapter is focused on seven experimental tests performed at
the University of Coimbra. In these tests, the effect of the localised fire (that leads to the
column loss) is simulated by the application of elevated temperatures in the composite joint
zone. The considered temperatures are based on previous observations: in the past, real
tests performed in composite steel-concrete open car park buildings subject to burning cars
showed that the temperatures in the beam bottom flanges are lower than 500°C (see
chapter 2); however temperatures of 700°C are measured in recent tests performed in
France (Joyeux e al., 2002), probably due to the manufacturing evolution of cars, with
more combustible plastic materials as well as higher petrol tank capacity. Seven beam-to-
column sub-frames are tested: one reference test at ambient temperature; five tests at
500°C or 700°C; and a demonstration test, for which the sub-frame is subject to an increase
of temperature up to the failure of the column. The effect of the beam axial restraint
coming from the unaffected part of the building is also studied: three tests without axial
beam restraint; two tests with total axial beam restraint; and two tests with realistic axial

beam restraint. Table 3.1 presents the objectives of each test.

Before the description of the seven experimental tests, relevant experimental works

performed recently are described in the next section.

The work described in this chapter has been published in Haremza ez a/. (2013a).
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Table 3.1: Objectives of the seven experimental tests of sub-frames subject to the loss of a column

Test Objectives
1 Derivation of the joint properties at 20°C — No axial restraint
2 Derivation of the joint properties at 500°C — No axial restraint
3 Derivation of the joint properties at 700°C — No axial restraint
4 Derivation of the joint M-N curve at 500°C — Total axial restraint
5 Derivation of the joint M-N curve at 700°C — Total axial restraint
6 Derivation of the joint M-N curve at 700°C — Realistic axial restraint
7 Demonstration of the real joint behaviour of a sub-frame subject to the loss of a column due

to a localised fire — Realistic axial restraint

3.2 Recent and relevant research works

In European RFCS Robustness project (Kuhlmann ez a/., 2009), a sub-structure subject
to the loss of a column was tested at Liege University (Demonceau, 2008). The aim of this
test was to study the behaviour of a composite sub-structure subject to the loss of a
column at ambient temperature, monitoring the development of catenary action and the
effect on the behaviour of semi-rigid and partial-strength composite beam-to-column
joints. The bottom storey of a composite building composed of three main frames and
three storeys was isolated, and the sub-structure width was reduced according to the
laboratory facilities (Figure 3.1). The IPE140 steel beam cross-section (S§355) was fully
connected to a concrete slab 120 mm thick (C25/30). Composite beam-to-column flush
end-plate connections with two bolt rows (M20, grade 8.8 and steel end-plate 8 mm thick)
were considered, and beams were connected to steel columns HEA 160 (8355). Axial

restraints coming from the undamaged structure were simulated by two horizontal jacks.
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Figure 3.1: Sub-structure configuration tested at the University of Liege (Demonceau, 2008)

The support of the middle column was removed and a vertical load increased at the top
of the column. Four distinct stages were observed (Figure 3.2a): i) elastic stage (O-A), ii)
yielding stage (A-B), iii) plateau stage (B-C), and iv) catenary stage (C-E). At the first stage,
small deflections were developed, and slight concrete cracking was observed in the vicinity
of the hogging joints, but the whole subsystem remained largely within the elastic range.
Subsequently, yielding of steel components (e.g. column web in compression) was initiated.
This was followed by a plateau range, where concrete cracking was further developed.
Finally, the subsystem stepped into the catenary stage until the reinforcement rebars were
completely ruptured at hogging joints; Figure 3.2b shows the sagging joint at the end of the
test. A certain level of resistance was retained when the steel connections worked alone,

and the ultimate rotation of the beam was approximately 190 mrad. The test allowed to
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measure the membrane forces developed in the beams, and to confirm the composite
joints ductile behaviour under tensile forces and bending moments (Demonceau and
Jaspart, 2010).
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Figure 3.2: a) Vertical load versus vertical displacement of the joint; b) sagging joint at the end of the
test (Demonceau and Jaspart, 2010)

Within the Robustness project, at Stuttgart University, experimental tests were also
performed on beam-to-column composite steel-concrete joints subject to bending moment
and axial forces. It was shown that for well-designed ductile joints, only ductile
components (rebars in tension, beam flange in compression, end-plate and column flange
in bending) are activated to move from the pure bending moment to the maximum tension

load, which ensure ductility supply (Demonceau, 2008).

Gizejowski e al. (2013) performed experimental tests of steel and composite steel-
concrete sub-frames subject to the middle column removal scenario, testing flush end-plate
and extended end-plate joints. Axial restraints to beams were considered (Figure 3.3). They
concluded that composite joints in the investigated frame had much lower ductility if
compared to that obtained in the test conducted by Demonceau and Jaspart (2010)
(Kozlowski ez al., 2011). It shows that there is a need to investigate the influence of height
of composite beam as well as other details of the joint on the robustness behaviour of
frame systems. The robustness of frameworks by joint ductility may further be enhanced
by 1) application of steel joints with thin end-plates (10 mm), which is profitable for ductile
behaviour; ii) choosing optimal sizes of fillet welds, distances between the bolt rows, as well
as between the welds and neighbouring bolt rows. The other factors having an impact on
the joint robustness are the reinforcement ratio and the arrangement of shear studs in

composite slab near the joint (Gizejowski ez al., 2013).
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Figure 3.3: Tested composite steel-concrete substructure (Koztowski ez a/., 2011)
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Yang and Tan (2011a, b) conducted experimental tests of steel and composite bolted
joints (simple and semi-rigid connections) subject to catenary action, under the column
removal scenario (Figure 3.4). The studied joint types included web cleat, top and seat
angle (TSA), top and seat with web angle (TSWA) (8 mm and 12 mm angles), fin plate,
flush end plate, and extended end plate. The behaviour and failure modes of these different
connections, including their abilities to deform in catenary mode, was provided, and a
better understanding of the performance of angle connections subject to catenary action
under a column removal scenario was achieved. The test results indicate that angle
connections, such as web cleat and TSWA, performed better in the development of
catenary action than other types of connections (Yang and Tan, 2011b). Yang and Tan
(2012) also performed some numerical models validated with the experimental results using
Abaqus program. Parametric studies have been conducted and the simulation results
demonstrated that under a middle column removal scenario: i) increasing the number of
bolt rows increases the load-carrying capacity and rotation stiffness; however, the
connection ductility is adversely affected by the increase of bolt rows, which means this
effect is not always beneficial; if) connection configurations play an important role to form
catenary action. Then by improving the arrangement of bolts in configurations of flush
end-plate connections, significant increase of load carrying and rotation capacities was
achieved. Current acceptance criteria of rotation capacities for steel joints such as web
cleat, fin plate, flush end plate and TSWA connections, are probably too conservative as
they only consider pure flexural resistance; the proposed connection acceptance criteria of

rotation capacities should consider the contribution of catenary action.
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Figure 3.4: Prototype beam-column joint and elevation view of the test set-up (Yang and Tan,
2012)

Finally, it can be pointed out that all the experimental tests available in the literature, and
that simulate a column loss scenario, do not consider the effect of fire. The experimental
work presented in this chapter considers a fire scenario that leads to the column failure; so
the composite joint is subject to a combination of bending moments, axial loads and

elevated temperatures.
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3.3 Experimental tests

3.3.1 Sub-frame and testing arrangement

The tested sub-frame is selected from the fifth floor of the typical open car park
structure specially designed for the European ROBUSTFIRE project (see chapter 1,
section 1.3.1). Because of the laboratory dimensions, the beam span length is reduced from
10 m in the real building to 3 m in the tested sub-frame. The seven beam-to-column frames
tests, including the corresponding beam axial restraint, are presented in Figure 3.5. The
sub-frame is defined by two unprotected composite beams IPE 550 steel cross-sections,
grade S355, and one unprotected HEB 300 cross-section steel column, grade S460 (Figure
3.7). A reaction frame, perpendicular to the plane of the tested sub-frame, is used to fix the
hydraulic jack that applied the mechanical loading, which is linked by a pin to the top of the
column. The column base of the sub-frame is hinged and fixed to a reinforced concrete
footing. A smaller steel profile HEB 140 cross-section is used at the bottom column in
order to allow: i) the concreting of the specimens at the floor level (Figure 3.0), ii) the
simulation of the column loss under fire in test 7. Two small hydraulic cylinders are located
on the beam top flanges in order to introduce the hogging bending moment at the joint,
and another hydraulic cylinder is located at the column base (except for the test 7) in order
to simulate the column loss (see section 3.3.3). The flexural column buckling is restrained:
i) at the top of the joint (lateral restraint in Figure 3.8), and ii) at the bottom column
(identified as column restraint in Figure 3.7). This restraints system allows vertical
displacements of the column, and prevents any horizontal displacement or rotation in the

plane or out of the plane of the sub-frame.

G b

T1 (20°C) T4 (50000) T6 (700°C)
T2 (500°C) T5 (700°C) T7 (Fire - Dem.)
T3 (700°C)

Py

Figure 3.5: Seven experimental tests

Figure 3.6: Specimens after the concreting of the composite slabs, at the floor level
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The joint configuration is representative of usual joint typologies used in open
composite steel-concrete car park structures (Figure 3.9); bolts M30, grade 10.9, and a steel
end-plate 15 mm thick, S355, are used. Material properties are discussed in detail in section
3.4. In order to ensure the composite behaviour of the beam-to-column joint, ten
longitudinal steel bars of diameter 12 mm are placed in the composite slab (five at each side
of the column). The composite joint is designed for the ROBUSTFIRE project
(Demonceau ef al., 2013), and the bolts are slightly oversized in order to avoid any shear
failure during the experimental tests. The composite slab comprises a steel deck and light-
weight in situ concrete composite floor, with 900 mm width, 1 mm thick steel sheeting and
reinforced concrete C25/30. In order to simplify the concreting, the ribs are placed

perpendicularly to the beam. Nevertheless, difficulties were experienced during concreting
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and the average total slab thickness is 130 mm instead of the 120 mm defined by
Demonceau et al. (2013); due to an error during concreting of test 5, on one side, the
thickness of the concrete slab above the two ribs in contact with the steel column is 103
mm instead of 71 mm shown in Figure 3.9. In accordance with the maximum spacing
defined by Eurocode 4 part 1.1 (EN 1994-1-1, 2004), constructional longitudinal (8 mm

diameter) and transversal reinforcements (6 mm diameter) are added.

The steel beam is partially connected to the composite slab by 22 shear studs (diameter
= 22 mm; height = 100 mm); this number of shear studs was designed for the composite
beam to resist to the design hogging and sagging bending moments Mgy (-535 kNm and
765 kNm respectively). The beam is not composite all along its length (Figure 3.7); a
section of steel beam is needed to easily fix the vertical displacements at the supports,
needed to apply the initial hogging bending moment at the end of the beams (see section
3.3.3). This structural consideration is accepted because the reduced slab length is enough
for the anchorage of the longitudinal steel reinforcement included in the behaviour of the

composite joint.
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Figure 3.10: Details of the composite slab and longitudinal steel reinforcement
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3.3.2 Description of the loading sequence

3.3.21 Tests1to6

Each test, from test 1 to test 6, is divided into 3 main steps (see Figure 3.11): step 1 -
application of an initial hogging bending moment in the joint, step 2 - heating of the joint
zone up to 500°C or 700°C (except for test 1 at 20°C), and step 3 - simulation of the loss of
the column and increase of the sagging bending moment up to the failure of the joint. A
small pre-loading of bolts is applied for all the experimental tests (about 120 kN), and the

axial restraints are connected to the beams since the beginning of the tests.

Step 1 Step 2
T4, T5 E 3 E
L T2, T3 % X
B s
o~ Sk |} & @ .
T6 2 AA— AN
Hogging bending moment Fire (except for test 1 at 20°C)
Step 3
| | ,@”\ZM |
}Wr W%ME %VW T1:200C ok
~IN T1:20°C i T2,T4:500°C  F
T2,T4:500°C T3,T5,T6:700°C
T3,T5,T6:700°C
Loss of the column Sagging bending moment

Figure 3.11: Outline of the tests 1 to 6

In step 1, the internal loads in the joint are simulated as in the real car park. The hogging
bending moment is calculated in a simple 2D model in Abaqus (2012) (see Appendix D.1),
applying the loads at the service limit state (SLS) defined during the design of the car park
structure (Demonceau ¢ al, 2013). For the beam-to-column connections between the
composite beams and the HEB 300 column, a hogging bending moment equal to
-450 kNm is calculated (fifth floor of the building); this moment is applied to test 1 at
ambient temperature. According to EN 1991-1-2 (2002), effects of actions under fire may
be deduced from those determined in normal temperature design (M, = -550 kNm) by
calculating a reduction factor 7; (Eq. 3.1); characteristic values of permanent action and
leading variable actions are considered, ie. G,=26.4 kN/m and 0, 7267 kN/m,

respectively, and the combination factor ¢, corresponds to ¢, = 0.7 (EN 1990, 2002).

The resulting hogging bending moment considered in tests under elevated temperatures is
-330 kNm.

)= Gty O, B G t0.50,
fi VGGk+VQ1Qk.1 1.35G+1.50, ,

=60% (Eq. 3.1)
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These hogging moments are applied to the joint by increasing the vertical load at the
column top in the upward direction, whereas the vertical displacements of the beams ends
are locked (Figure 3.11). During step 2, temperatures increase with a linear rate of
300°C/hout, up to the tatget temperature in the beam bottom flanges: 500°C for tests 2
and 4, and 700°C for tests 3, 5 and 6. Temperatures are kept constant throughout step 3,
for which the progressive loss of the column is simulated. Then, the vertical load at the
column top is increased in the downward direction with a linear rate of 0.01 mm/sec.
(deflection control), in order to increase the sagging bending moment in the joint and to
reach the joint failure. During the increase of the sagging bending moment, the column is
assumed to be completely failed (no residual bearing capacity). To obtain a better
characterization of the elastic stiffness of the joint, an “unloading-reloading” is performed

at the beginning of the step 3 for tests 3, 4 and 5.

3.3.2.2 Test7

This test is divided into 4 steps (Figure 3.12): step 1 - application of an initial hogging
bending moment in the joint (-330 kNm); step 2 - application of a constant compressive
load at the column top (+250 kN); step 3 - heating of the joint zone and the bottom
column, respectively up to 400°C and 800°C; step 4 - heating of the joint zone up to the

failure of the sub-frame.

Step 1 Step 2
% F = 250kN
% E
:
Hogging bending moment Mechanical loading (250 kIN)
Step 3 Step 4

F = 250kN

800°C |(Bottom column)

800°C (Bottom column)

Heating of the column base up to the loss | Heating of the joint up to the total failure of
of the column the frame

Figure 3.12: Outline of the test 7

The mechanical loading applied at the column top is kept constant during steps 3 and 4.
Due to the maximum ranges of the loading and measuring equipment, the steel section of
the bottom column is reduced from HEB 300 to HEB 140 in order to reach the column
buckling failure under 800°C or less (in step 3) when it is subject to 250 kN of compression
load (709°C is the critical temperature of the steel profile HEB 140 under this compression
load (column length of 1.3 m)). The temperature is increased up to: 1) 800°C in the bottom

column; 1i) 400°C in the joint (measured in the beam bottom flanges), under faster heating
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rate in the bottom column. The joint temperature is limited to 400°C in order to avoid joint
failure before the collapse of the column; this value is defined by taking into account the
constant temperature tests: at 500°C, 400 kN is reached at the column top, and under
700°C, only 200 kN is reached; moreover, additional compression load due to thermal
expansion effects should be considered. Finally, in step 4, after the column loss, the joint
temperature is increased up to the failure of the sub-frame, and the load at the column top
(+250 kN) is kept constant. The concrete slab is only heated by heat transfer from the steel
beam and column. In the constant temperature tests (see further section 3.5.1), it is shown
that this heat transfer is sufficient for the concrete to reach temperatures close to the
measured temperatures during real tests with burning cars, performed in car park buildings.
In the French tests (Joyeux e al., 2002), the maximum concrete temperature was 260°C at
25 mm from the slab bottom part, whereas 700°C was measured in the steel beam bottom

flange .

3.3.3 Mechanical and thermal loadings

Steel temperatures are increased using Flexible Ceramic Pad (FCP) heating elements
(concrete is not directly heated). In tests 2 to 6, the heated zone is defined by the joint, a
length of 0.6 m of the beam to each side of the joint and 0.8 m of column (Figure 3.13). In
test 7 (demonstration test), the entire lower part of the column is heated; because the
number of electrical elements could not be increased, the heated length of the beam is
reduced to 0.4 m (Figure 3.14). A Servosis hydraulic jack (F,,. = 1000 kN; 4, = 280 mm)
is used to apply the mechanical loading at the column top (Figure 3.7).

Figure 3.13: Heated connection zone using Ceramic Pad Heating elements, thermally insulated by
rock-wool of density 128 kg/m? (tests 2 to 6)
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Figure 3.14: Heated zone using Ceramic Pad Heating elements, thermally insulated by rock-wool of
density 128 kg/m?3 (test 7 - Demonstration test)

The beam vertical supports, shown in Figure 3.7, restrained the vertical displacements
needed to introduce the hogging bending moment at the joint. A load cell and a hydraulic
cylinder are located on the beam top flanges (see Figure 3.20) to measure the vertical
reaction and to apply the initial pre-loading, as illustrated in Figure 3.15: i) any vertical
displacement of the beams ends is restrained at the supportts, then, a pre-load is applied,
using the cylinders, in order to keep constant the beam position (the column is free at the
base); ii) the hydraulic jack increased the vertical load at the column top and pulled the
column upwards; iii) the support at the column base is put in contact; iv) the load at the
column top is decreased and transferred to the column base support.

o 7
= & i) Pre-loading at the beams supports (using the cylinders)
e It 71) Loading at the column top (hydranlic jack): a tensile load is applied by the jack.
o 1) Application of the column base support (cylinder)
A
I
= X ) Decrease of the total tensile load at the jack + transfer of the load to the column base support
A

Figure 3.15: Steps to introduce the initial hogging moment in the joint

Figure 3.20 also shows the hydraulic cylinder located at the column base, except for
test 7. This cylinder kept a constant vertical displacement of the column during the

application of the initial loads and the increase of temperatures, and is finally taken out by
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decreasing the oil pressure in order to simulate the column loss. During the heating phase
(step 2) of tests 2 to 0, the axial load in the column is variable because of the thermal
expansion of the column, and the oil pressure in the cylinder is adapted to keep the

constant vertical position.

In order to define the requited capacities of the measuting/loading equipment (load
cells, displacement transducers, and hydraulic jack or cylinders), preliminary numerical
simulations of the sub-frames are carried out in Abaqus (2012), and the global behaviour is
predicted (see Appendix D.2).

3.3.4 Beam axial restraints

The effect of the beam axial restraint coming from the unaffected part of the building is
studied, and three different restraints stiffness’s are considered: tests 1, 2 and 3 - no beam
axial restraint; tests 4 and 5 - total beam axial restraint; and tests 6 and 7 - realistic beam
axial restraint. When no restraint is applied, the beams are free to deform axially. For the
total beam axial restraint, a steel beam with profile HEB 300, linked from the end of the
tested beams to strong walls is used (Figure 3.16). The axial load is calculated from the
strains measured in HEB 300 by five strain gauges: two on the top flange, two on the
bottom flange and one on the web, from which the stresses are derived, and finally the

axial load restraint (see Figure 3.20 in section 3.3.5).

Total axial
restraints to the
beams

Figure 3.16: Total axial restraints to the beam (at the end of test 5)

In the real car park, stiffness of the beam axial restraint provided by the part of the
building not directly subject to the fire can be estimated (see Appendix B.1). In the
laboratory, reduced value (50 kN/mm) is used (because of the limitation of the material
capacity); the realistic beam axial restraints (spring restraints) are simulated using hydraulic
double stroke cylinders (Figure 3.17). Each one is independently and manually controlled:
in order to adjust the spring stiffness, the oil pressure (measured by pressure transducers) is
adapted at the hydraulic pump according to the measured axial displacements. The applied
load by the cylinder is limited to 654 kN in compression and 304 kN in tension. The spring

axial load is derived from the measured oil pressure using the following expression:
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FN] = A [cm?] X p [bars] X 9.81[N/(barsXcm?)]

Where A is the cylinder effective area (133 cm® in compression and 62 cm” in tension) and
2 1s the measured pressure in the cylinder. The total restraints, as well as the realistic

restraints, are pinned and allow the rotation.

Double stroke

cylinder
Beam of the sub- (RR-1000)
frame
- —

Fixed support
connected to the

strong wall
Measured axial
displacements

Figure 3.17: Spring restraint (left)

3.3.5 Instrumentation of test specimens

The main requirements of the instrumentation are to measure the temperatures, the
distribution of internal/reaction forces and the deformed shape of the structural elements.
70 to 96 thermocouples of K type with two 0.7 mm wires are used to measure the
temperatures in the heated steel elements (end-plates, bolts, beams, and column) and in the
composite slab (Figure 3.18). Around 30 displacement transducers, outside the heated zone
(Figure 3.19), are used in order to measure the displacements and deformations of the
specimen, and to check the parasitic displacements of the reaction structures (such as
footings and frames). Load cells measure the reaction loads at each beam support, at the
column top, and at the column base (Figure 3.20). The reaction loads from the beams axial
restraints are calculated from: i) the pressure measured in cylinders in case of the spring

restraints (Figure 3.17); 1i) strain gauges in case of the total restraints (Figure 3.20).
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Figure 3.18: Position of the thermocouples in the heated zone
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Figure 3.19: Position of the displacement transducers on the left side (same layout on the right side)
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3.4 Control tests

For future calibration of numerical and analytical models against the test results, control
tests are performed to determine material properties of the steel joint components and
concrete slab. Mechanical properties of the beam and column are defined by a total of 36
tensile coupon tests. The coupons are extracted from the webs and flanges, and three
tensile tests are performed for each one, at 20°C, 500°C and 700°C. Steady-state tests are
considered, for which the coupon is heated up to a specific temperature and then tested in
tension (constant displacement speed). Figure 3.21 shows the testing furnace and some
steel coupons before and after the tests at 20°C and 700°C. An overview of the results is
presented in this section; and a detailed analysis of the tests results is provided in

Appendix A. Unfortunately, no coupon tests are carried out for the end-plate material.

Before the test

After the test (20°C)

b)

Figure 3.21: a) Testing furnace and b) steel coupons before or after the tests

Figure 3.22 presents the stress-strain curves from the tensile tests performed at 20°C,
500°C and 700°C of the flanges: a) of the IPE 550 steel beam (S355]J0 + M), and b) of the
HEB 300 steel column (S460M). One test is presented at each temperature, and the
measured stress-strain curve is compared to theoretical stress-strain curves from EN 1993-
1-2 (2005), considering strain hardening at ambient temperature. For these theoretical
results, the ambient temperature nominal mechanical properties of steel profiles are defined
according to EN 10025-4 (2004). It can be observed, from the test results, that the ductility
is reduced at 500°C, then slightly increased at 700°C, because of steel chemical
transformations (Imedio ez a/, 2004). The Elastic modulus decreases with temperature (see
detailed values in Appendix A.3), and EN 1993-1-2 (2005) provides safe results except for
high strength steel S460 under 500°C. Indeed, in this Eurocode, the degradation definition
of various structural steel grades material properties under fire conditions are based on
tests results predominantly obtained on steel grade S235, and it is assumed that the
recommended specifications are available for all the structural steel grades. However,
Schneider and Lange (2009) pointed out that EN 1993-1-2 (2005) overestimates the
elevated-temperature yield strengths if used for S460; and according to Qiuang e /. (2012),
the degradation of mechanical properties of steels under fire conditions is dependent on

steel grades. Average values of the tests results are provided in Table 3.2.
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Figure 3.22: Comparisons of stress-strain curves obtained from EN 1993-1-2 (2005) (EC), and tests
performed at 20°C, 500°C and 700°C for steel: a) S355J0 + M (flange-F); b) S460M (flange-F)

Table 3.2: Mechanical properties of steels S355 and S460

EN 10025-4 (2004)
EN 1993-1-2 (2005)

Tests results

Tensile
Steel Temp  Yield strength £ Yield strength strength R Elongation after
(O (MPa) Re (MPa) (MPa) fracture A (%)
20 345 396 517 32.47
§355J0 + M

IPE 550 (flange) 0" 269.1 326 431 29.65
700 79.35 169 171 48.83
20 440 516 599 27.2

S460M

HEB 300 (flange) >V 343.2 292 325 232

700 101.2 137 137 41.95

Mechanical properties of the bolts M30, grade 10.9 are defined by 15 tensile coupon
tests (see detailed results in Appendix A 3.2). Three tensile tests are performed at ambient
temperature, and two tests are performed at each temperature equal to 200°C, 400°C,
500°C, 600°C, 700°C and 800°C (steady-state tests). Figure 3.23 depicts the stress/strain
curves, and Table 3.3 presents the mechanical properties for each temperature: i) nominal
values defined by EN 1993-1-8 (2005) and EN 1993-1-2 (2005) and ii) measured values
from the tests (average values). Tests show that yield and ultimate stresses increase at
200°C before decreasing at higher temperature. Such behaviours could be attributed to the
dynamic strain aging (DSA), austenite to martensite transformation, and high temperature
softening in addition to tempering of bainite (Akbarpour and Ekrami, 2008). The ductility
is significantly increased from 600°C, and the Young’s modulus decreases with

temperatures.
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Figure 3.23: Stress-strain curves of bolts M30 10.9 at 20°C, 200°C, 400°C, 500°C, 600°C, 700°C and
800°C

Table 3.3: Mechanical properties of bolts M30, grade 10.9
EN 1993-1-8 (2005)

EN 1993-1-2 (2005) Tests results
. Yield Tensile .
. Tensile strength strength R, Elongation
Temp. Yield strength  strength f, Rpo.2% (MPa2) after fracture 4
.Y f (MPa) (MPa) (MPa) (o)
20 900 1000 932 1044 15.3
200 841.5 935 935 1086 14.2
400 697.5 775 783 841 17.3
500 495 550 509 558 22.95
600 198 220 298 333 41.85
700 90 100 99 112 61
800 60.3 67 60 91 76.9

Compression tests on 24 concrete blocks are performed. Three tests are performed after
7 days, 14 days, 28 days and then at the day of each test (detailed results are available in
Appendix A.4). The concrete properties C25/30 at 28 days are confirmed according to NP
EN 206-1 (2007): i) the average of each three tests cube strength (£, .. = 35 MPa) is higher
than the C25/30 characteristic cube strength plus 1 (31 MPa), and is smaller than the
C30/37 characteristic cube strength plus one (38 MPa); ii) each individual value is higher
than the C25/30 characteristic cube strength minus 4 (26 MPa).

3.5 Experimental results

In order to simplify the presentation of tests results as well as the comparisons between
them, the results of only one connection from each internal joint are presented: either the
connection where bolts failed, or, in case of no bolt failure, the most deformed connection

(eft connection for tests 1, 2, 3, 5 and 7, and right connection for tests 4 and 6).
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3.5.1 Tests1tob6

3.5.1.1 Temperatures results

Tests 2 to 6 are performed under constant temperatures, controlled at the beams
bottom flanges (at 250 mm from each end-plate): bottom flanges reached 500°C in tests 2
and 4, and 700°C in tests 3, 5 and 6. Figure 3.24 depicts the temperature evolution during
tests 2 and 3 in the left side of the frame - at 200 mm from the connection (in the bottom
flange, web and top flange), at the column centre (left flange and web), in bolt row 4, and
in the concrete rib in contact with the steel beam near the joint. Similar temperatures are
measured on the other side of each joint, as well as for tests 4, 5 and 6 (with slightly higher
temperatures in test 6 in comparison to test 3 - all the temperature results are provided in
Appendix B.3). Concrete temperatures did not rise above 300°C.

700 - Step 2 Step 3 (M+ 1000 —+~ Step 2. S
i Step 3 (M*
600 © (Temp.) p3( )—E—Beam top fl. i(T emp.) | ep 3 (M9 ——Beam top fl
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Figure 3.24: Evolution of the temperatures during a) test 2 at 500°C, b) test 3 at 700°C

3.5.1.2 Simplified analytical prediction of the joint sagging bending moment
resistance

A simplified analytical prediction of pure sagging bending moment resistance is
performed for the composite joint, in accordance with the component method
recommended in EN 1994-1-1 (2004). The three tests without axial restraints are
considered: test 1 (20°C), test 2 (500°C), and test 3 (700°C). Measured material properties
(f) without partial safety factors are used. At elevated temperatures, the strength reduction
of each component is based on the measured temperatures in the tests, and the reduction
factors defined in EN 1994-1-2 (2005) are used. In this chapter, a simplified analytical
calculation is performed, assuming that the neutral axis is at the level of the ribs of the
composite slab; so the centre of compression is considered at mid-thickness of the
concrete slab above the ribs (the beam top flange is not in compression). Note that a more
detailed and accurate analytical prediction of the ultimate joint resistance is provided in
chapter 5. Table 3.7 presents the distribution of internal forces within the connection
calculated for each of the three tests. The resistance of the basic components is considered
and, based on the assumption that no compressive load is developed in the beam top

flange, the sagging bending moment resistance is limited by the concrete slab in
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compression. For the bolt rows in tension, the behaviour is controlled by the end-plate in
bending (ductile component); the plastic resistance is reached for bolt rows 3 and 4
(bottom bolt rows), and the residual tensile forces are linearly distributed in bolt rows 1 and
2 (top bolt rows). Bending moment resistances of both tests 1 and 2 are similar, because
temperatures in test 2 only slightly decrease the strengths of beam bottom flange and
column web components; strengths of other components remain equal to the ambient

temperature values (temperatures lower than 400°C).

Table 3.4: Analytical sagging bending moment resistance of the connection derived from the

distribution of internal forces for tests 1, 2 and 3 (no beam axial restraint)

Test1 Test2 Test3 Leverarm
(20°C) (500°C) (700°C) (m)

Compression force in concrete slab — F, (&N) 1041.76 1020.20 979.26 0
Tension force in bolt row 1 — F; (N) 148.02  139.40 208.59 0.16
Tension force in bolt row 2 — F> (£N) 22226 209.32  309.72 0.24

Tension force in bolt row 3 (End-plate in bending) F; (&N) 138.83 138.83  95.30 0.50
Tension force in bolt row 4 (End-plate in bending) Fy (€N) 532.65 532.65 3065.64 0.58
Analytical plastic bending moment (kNm) 454.86  450.38 366.94

3.5.1.3 Mechanical results and failure modes

The joint rotation is estimated using the vertical displacements measured at: i) 1500 mm
from the end-plate (D002 and D008 in Figure 3.25), and ii) at the column top (hydraulic
jack or D000 and D028). The reaction loads at the beams supports are used to calculate the
bending moment, considering the lever arm measured from the beam support to the mid-
thickness of the column flange.

T
1500

H D002| DOOS; 7% H
Lo/2 Dozsr 10000

v AS

Figure 3.25: Estimated rotation of the joint using the measured displacements

For each test, Figure 3.26 and Figure 3.27 depict the evolution of: the total vertical
reaction load (total load applied at the column) versus the vertical displacement measured at
the column top, and the bending moment zersus the rotation of each connection,
respectively. In step 1, the initial hogging bending moment is applied: -501 kNm for
reference test 1, and -330 kINm for tests 2 to 6. At the beginning of the heating phase (step
2), the column reaction increases under thermal expansion effects and reaches a maximum
value: the minimum hogging bending moment reaches around -500 kNm in tests 3, 5 and 6
(under 700°C), and around -357 kNm in tests 2 and 4 (under 500°C). Finally, this reaction

load decreases because of the degradation of steel properties at elevated temperatures.
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Figure 3.27: Joint bending moment versus rotation at the connection

Under sagging bending moment (step 3), concrete crushing in compression is the first
failure mode observed, due to the joint rotation and the resulting high compressive strain at
the upper concrete surface. Failure is really progressive: first the concrete crushed against
the column flanges (Figure 3.28a), then the entire slab width failed at the upper concrete
surface (Figure 3.28b), and finally over the entire thickness (Figure 3.28c).

Bolts failures happened in tests 1, 2 and 6 (respectively under 47.5 mrad, 73.6 mrad and
83.3 mrad of joint rotation); the other tests are stopped because the maximum vertical
displacement of the hydraulic jack at the column top is reached. The failed bolts occurred
in the bottom bolt rows, because of higher tensile forces under sagging bending moment;
they are illustrated in Figure 3.29. After the test, during the cooling phase, the deformation
of the sub-frame is maintained constant and one bolt, from bottom bolt row, failed in
tests 3 and 4, due to the high tensile stresses induced by the heated part of the joint
recovering strength and stiffness, with a reduction of thermal strains. During test 1 at
ambient temperature, strain gauges measured the extensions of: i) steel beam web and
flanges near the connection, ii) bolts, iii) steel reinforcements, and iv) column web; these

results are shown in Appendix B.2.
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a)
Figure 3.28: Concrete crushed: a) against the column flanges; b) along the entire slab width; c) at the
end of the test (front view of test 6)

g ront-r4 !'gl-ﬂ# LFront-r4 LFrent-r3

TEST 1 (failed) TEST 2
a) b)

Figure 3.29: Bolts failed a) in test 1 at 20°C; b) in test 2 at 400°C; and c) in test 6 at 550/600°C

The evolution of the bending moment at the joint versus the beam axial load is presented
in Figure 3.30a for tests 4, 5 and 6. During step 1, the reaction loads and displacements due
to the mechanical loadings are not sufficient to develop axial forces in the beams axial
restraints. During the heating phase (step 2), due to the thermal expansions of beams, the
beams ends move in the outward direction, and compression loads are applied by the
restraints. After the column loss (step 3), the axial restraints increase the compression loads

because beams ends continue to move outwards; two reasons are highlighted:

1. The main reason is the low slenderness (high cross-section height and short beam span) of the
composite beam. When the column begins to go downward (Figure 3.31), the joint
is subject to sagging bending moment: the concrete slab is in compression
against the column flange whereas the joint bottom part is in tension. While the
concrete is resisting, it prevents any inward horizontal displacement of the
composite section. It is only after the concrete crushing in compression (or after
large vertical column displacement), that the composite beam begins to displace

inward.

1. The horizontal displacement of the beam end is measured at the centroid of the steel beam and
not at the centroid of the composite section. When the centroid of the composite beam
begins to displace inward, the measured horizontal displacement at the centroid

of the steel beam end continues the outward movement (Figure 3.31).
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Figure 3.30: 2) Joint bending moment versus axial loads at the joint; b) Total reaction load versus axial

loads at the joint
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In tests 4 and 5 (total beam axial restraints), axial compression loads increase more than
in test 6 (spring restraint), because the horizontal displacement at the beam end is much
restrained. So the concrete crushes under smaller deformations due to these elevated
compression loads: when the beams ends try to displace outwards, the axial restraint loads
increase and the concrete crushes for joint rotations of about 25 mrad in tests 4 and 5, and
35 mrad in test 6. Finally, tensile axial loads are reached only at the end of test 6. Figure
3.32 and Figure 3.33 show the final deformations of the tests at 20°C, 500°C and 700°C:
the steel end-plates are deformed in the bottom and centre parts and show a high ductility.
The deformation at the centre of the end-plate happen because of the joint configuration:
1) high distance between bolt rows 2 and 3 (260 mm), ii) the end-plate (15 mm) is thinner
than the column flange (19 mm), and iii) an initial gap is noticed just after the bolts pre-
loading, before the test (0.6 mm is measured for the reference test). Moreover, it seems that
the beam web is pulling the end-plate due to the sagging bending moment (tensile loads at
the bottom part). Due to high stresses/deformations, a crack at the base steel end-plate,
just above the weld, is observed at the end of the ambient temperature test (Figure 3.32a).
Figure 3.34 shows local deformations of the beams observed in tests 4 and 5 (local
deformation of the beam web in test 4, local deformation of the beam flange in test 5 as

well as shrinkage of the bottom flange).
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50 mm
a) b) )
Figure 3.32: Deformations of the connections in a) test 1 (20°C), b) test 2 (500°C) and c) test 3
(700°C)

Figure 3.33: Deformations of the connections in a) test 4 (500°C — total axial restraint), b) test 5
(700°C — total axial restraint) and c) test 6 (700°C — spring axial restraint)

Figure 3.34: Local deformations of: a) beam web in test 4 (500°C — total axial restraint); b) beam

bottom flange (shrinkage) in test 5 (700°C — total axial restraint); and ¢) beam top flange in test 5.

61



CHAPTER 3

Finally, Table 3.5 summarizes the main results of each test: the failure modes, the local

deformations, the connection rotation at the end of the test and the symmetrical or

unsymmetrical behaviour of the joint defined by the column rotation (in tests 3 and 7, the

column rotated and the joint deformation is not symmetrical). The final deformation of

sub-frame for test 6 is shown in Figure 3.35. Additional pictures of the experimental tests

are shown in Appendix B.4.

Table 3.5: Failure modes and local deformation of each test

Temp. Restraint Connefctlon CQL . .
Test €O (KN/mm) rotation*  rotation* Failure modes Local deformations at:
(mrad) (mrad)
Concrete crushing in the end-plates
compression; failure of 2 (bottom and centre).
T1 20 0 74.9 -6 bolts in tension (left side);
crack at the end-plate
(bottom — left).
Not Concrete crushing in the end-plates
T2 500 0 84.8 compression; failure of 3 (bottom and centre).
measured . . .
bolts in tension (left side).
Concrete crushing in the end-plates
o (bottom and centre);
T3 700 0 132.4 33 compression; failure 0f 2 ) b (bottom
bolts in tension (left side)
during the cooling phase part); beam bottom
’ flange (left).
Concrete crushing in the end-plates
compression; failure of 2 (bottom and centre);
T4 500 Total 89.4 2 bolts in tension (right column web (top
side) during the cooling  part); beams webs;
phase. column flange (left).
the end-plate bottom
Concrete crushing in and centre; column
T5 700 Total 122.3 6 . web (bottom part);
compression. beam bottom and top
flanges (right).
Concrete crushing in the end-plates
compression; failure of 3 (bottom and centre);
16 700 S 183.5 10 bolts in tension (2 on the beams bottom
right - 1 on the left). flanges.
Bottom column failure; the end-plates
concrete crushing in (bottom and centre).
400; compression; failure of 3
7 800 S0 149.8 03 bolts in tension (left side);

crack at the end-plate
bottom (left).

* Rotations measured at the end of each test;

** Test 7 (demonstration test) is presented in section 3.5.2.
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Figure 3.35: Final deformation of the tested structure (test 6)

3.5.1.4 Comparisons of the results

The behaviour of the joint subject to sagging bending moment and variable axial loads
is studied under constant temperatures (20°C, 500°C and 700°C). From the results, the
effects, on the joint behaviour, of the temperatures and of the beam axial restraint can be
reached. Table 3.6 presents the values of the plastic and maximum sagging bending
moments obtained from each test, as well as the corresponding axial load and connection
rotation. The corresponding plastic bending moment reached in the experimental tests
M i 18 calculated by a bilinear approximation of the moment-rotation curve based on the

slope of initial and post-limit stiffness’s (Jaspart, 1991).

Table 3.6: Plastic and maximum sagging bending moments (M*pus and M*,.) in tests 1 to 6, and
results corresponding to maximum sagging bending moment M.

T1 T2 T3 T4 T5 T6
Temperature 20°C 500°C 700°C 500°C 700°C 700°C
Beam axial restraint 0 0 0 total total 50 kN/mm
MHpiasiic (kNm) 507.1 490.23 329.5 703.9 713.5 312.4
M ase (RNm) 710.1 565.0 357.1 746.4 828.0 355.5
Rotation Orr+ma (mrad) 46.9 49.5 92.3 54.9 43.0 55.1
Axial load N (kN) 0 0 0 -990.7 -1646.7 -297.3

Effect of the temperatures

The three first tests, performed without beam axial restraint, show that the increase of

temperature:

1. Decreases the maximum sagging bending moment of the joint: 20% from test 1 (20°C) to test
2 (500°C), 50% from test 1 to test 3 (700°C);

. Increases the rotation capacity and the ductility of the joint, by: 1) increasing the connection
rotation corresponding to the maximum sagging moment (6% from test 1 to test 2,
97% from test 1 to test 3, and 87% from test 2 to test 3); ii) increasing the
maximum joint rotation at the first bolt failure (in tests 1 and 2, the first bolt fails
for respectively 49 mrad and 74 mrad of rotation (increase of 55%), and no bolts
fail at 132 mrad of rotation in test 3);
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ii.  Decreases the initial stiffness: 36% and 49% trom test 1 (20°C) to test 2 (500°C) and test
3 (700°C), respectively.

Table 3.7 presents the comparison between experimental and analytical sagging bending
moment resistances. At ambient temperature (test 1), the analytical sagging bending
moment is lower than the experimental value (difference of 10%). At elevated temperatures
(tests 2 and 3), theoretical and experimental resistances also show differences, of 8% for
test 2 (500°C), and -11% for test 3 (700°C). However, more accurate comparisons between

analytical and experimental results are provided in chapter 5.

Table 3.7: Comparisons between the analytical prediction of the joint sagging bending moment
resistance (see section 3.5.1.2) and the experimental results

Test 1 Test 2 Test 3
(20°C) (500°C) (700°C)

Analytical plastic bending moment (kNm) 454.86 450.38 366.94
Experimental plastic bending moment (kNm) 507.1 490.23 329.5
Differences (%) 10.30 8.13 -11.36

Test 4 (500°C) and test 5 (700°C) are performed with total beams axial restraints, and it
is expected to reach higher sagging bending moments in test 4 than in test 5 because of the
lower temperatures and consequently higher steel resistance in test 4. However, the
maximum sagging bending moment reached in test 5 (700°C) is 11% higher than in test 4
(500°C), even with the reduced steel properties. The compression load is 66% higher of
test 5 probably because of higher compression resistance of the concrete slab due to the
non-uniform concrete slab thickness in test 5 (see section 3.3.1). As the concrete is only
slightly heated, the concrete properties are only slightly decreased by temperatures, and the
compression resistance of the joint is increased by the slab thickness, even under higher

steel temperatures.

Effect of the beam axial restraints

Some findings are obtained from the tests concerning the beam axial restraint, and

consequently, the compression axial load in the joint:

1. Increase of the maximum sagging bending moment: the joint rotation corresponding to the
first bolt failure in test 2 is 74 mrad; under the same rotation in test 4, the sagging
bending moment is increased by 32%, due to the axial compression load equal to
773 kN. This increase only happens for small values of compressive axial loads;
higher compressive axial loads would decrease the bending moment resistance of
the joint (see the entire M-N behaviour of the joint in chapter 5). Note that, from
test 3 to test 6, the effect of axial restraint on the joint resistance cannot be
observed (difference of 0.5% between maximum bending moments), due to higher
temperatures measured in test 6 (see section 3.5.1.1), and very low values of axial
compressive loads in test 6.

. Increase of the joint rotation capacity and, consequently, the joint ductility: the compression

load from the axial restraint combined with sagging bending moment moved the
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neutral axis of the connection downward, allowing the development of additional
compression loads in the concrete slab, and the reduction of the tensile loads in the
bottom bolt rows. Once the concrete crushes against the column slab and along the
entire slab width, tests 4 and 5 are still able to continue to deform without failure:
from the maximum sagging bending moment and the end of the test, the rotation
increases by 113% in test 4 and by 184% in test 5;

ili.  Increase of the initial stiffness of the bending moment/ rotation curves: 83% from test 2 to test
4 (500°C), and 54% from test 3 to test 5 (700°C).

3.5.2 The demonstration test (test 7)

3.5.2.1 Temperatures results

Figure 3.36 presents the temperatures evolution during the entire test 7 in the left beam
- at 200 mm from the connection (in the bottom flange, web and top flange), in the column
HEB 300 (left flange and web), in the bottom column HEB 140 (left flange and web), in
bolt from row 4, and in the concrete rib in contact with the steel beam near the joint. In
step 3 (1" increase of temperature), the beams bottom flanges are heated up to 400°C,
whereas webs, joint components and column HEB 300 reach slightly lower temperatures
(from 300°C to 400°C). The bottom column (HEB 140) reaches its maximum resistance
capacity and fails under the average temperature of 658°C (maximum temperature of 718°C
measured in the web). At the end of the step 3, the average temperature at the bottom
column is 733°C. In step 4 (2™ increase of the temperature), the temperatures in the beam-
to-column joint are increased up to 800°C in the beams bottom flanges, and the entire sub-
frame collapses. At the end of the test, maximum temperatures measured at the joint are:
585°C in bolts, 671°C in beam end-plate, 729°C in column web and 596°C in column
flange. The maximum temperature measured in the shear studs in the composite slab is
179°C, and temperatures reached 280°C and 200°C respectively at the steel sheet and in the

conctrete in contact with the column - at 40 mm from the sutrface of the slab.

Step 3 (1+t increase of

temperature) Step /4 (20d increase of temp.)
900 -
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Figure 3.36: Temperatures evolution during the demonstration test
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3.5.2.2 Mechanical results and failure modes

The bending moment/rotation and bending moment/axial load curves are depicted in
Figure 3.37. A hogging bending moment equal to -281 kNm is initially reached during
step 1. During step 2, the hydraulic jack increases the load at the column top up to reach
+250 kN (see Figure 3.12); the axial force in the bottom column is equal to 341 kN (load at
the top of the column + self-weight of the sub-frame + reaction loads at the beams ends

due to the application of the hogging bending moment in step 1).
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Figure 3.37: a) Joint bending moment versus rotation at the connection; b) Joint bending moment

versus axial load restraint

In step 3, the beams are heated up to 400°C in the bottom flanges (Figure 3.30); the
bottom column is heated up to 800°C. First, the reaction loads increased under thermal
expansion effects, and the axial force in the bottom column reached 604 kN (hogging
bending moment equal to -505 kNm); then the bottom column reached its maximum
resistance capacity under 658°C and failed. The failure of the column is progressive, and is
defined as the moment at which the vertical reaction load came back to its initial value at
the beginning of the step 3 (341 kN — see Figure 3.38). Figure 3.39 presents the evolution
of the vertical displacements versus time. At the end of the step 3, the column displacement
is equal to -25mm in the downward direction and the sagging bending moment is
increased up to +300 kNm.
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Figure 3.38: Vertical reaction load at the column base versus time
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Concerning the effect of the axial restraints, during steps 1 and 2, the reaction loads and
displacements due to the mechanical loadings are not sufficient to develop beam axial
loads. Due to the thermal expansion in step 3, the beams ends are moving outwards and
the compression axial load reaches 61 kN (see Figure 3.37b). Later, in step 4, after the
column loss, beams ends continue to move in the outward direction and the spring

restraints increase the compression loads (see the explanation presented in section 3.5.1.3).
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Figure 3.39: Vertical displacement of the column versus time

During step 4, the temperature in the joint increases under the constant load (+250 kN),
applied at the top of the column, and reaches 770°C in the beam bottom flanges. At this
moment, the concrete slab crushes in compression against the column flanges, and the
vertical displacement increases faster (Figure 3.39). Once the concrete slab crushes along
the entire slab width, the sub-frame rapidly collapses (beam bottom flanges temperature
reach 800°C). After that, the sagging bending moment is slightly decreased from 290 kNm
to 265 kNm at the end of the test, and the axial compression load at the spring restraint
(left side) decreases from 266 kN to 222 kN. For safety reasons, the test is stopped at a
vertical displacement equal to 280 mm and connections rotations equal to 150 mrad (left)
and 37 mrad (right). The day after the test, failure of three bolts is observed (Figure 3.40):
1) in the bottom bolt rows (two bolts from row 4, and one bolt from row 3) - because of
higher tensile forces under sagging bending moment, and ii) in the left connection due to
an asymmetric joint deformation. However, bolts failures are not noticed on bending
moment/rotation cutve because failures are very smooth at elevated temperatutes, as
described in the bolt tensile tests presented in section 3.4. Figure 41 shows the three failed
bolts.
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Figure 3.40: Final deformations of the left connection: a) view from the back side; b) view from the
front side
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Figure 41: Bolts failed in test 7 (Left (L) connection, rows (r) 3 and 4)

The steel end-plates are deformed in the bottom and centre part because of the tensile
loads at the bottom part of the composite connection under sagging bending moment
(similar to deformations observed in the previous tests (see section 3.5.1.3)). A crack at the
base steel end-plate, just above the weld, is also observed due to high
stresses/deformations (Figure 3.40b). Figure 3.42 shows the final deformations of the sub-

frame and a detailed view of the deformed bottom column.

Figure 3.42: Final deformations of the sub-frame: a) view from the front side; b) detailed view of

the deformed bottom column (view from the back side)
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3.6 Concluding remarks

The main objective of the experimental tests is to observe the effect of the combined
bending moment and axial loads in the heated beam-to-column composite steel-concrete
joints following the loss of the column. The effect of the localised fire (that led to the
column failure) is simulated by the application of elevated temperatures in the composite
joint. Seven beam-to-column sub-frames are tested at the University of Coimbra: one
reference test at ambient temperature; five tests at 500°C or 700°C; and a demonstration
test, for which the sub-frame is subject to an increase of the temperature up to the failure
of the column. The six first tests represent “theoretical” reference situations that allow
understanding the influence of various factors affecting the joint response and their
resistance and rotation capacity; the seventh one is a tentative to reproduce the real loading
and behaviour of the joint. The effect of the beam axial restraint coming from the
unaffected part of the building is also studied: three tests without beam axial restraint; two

tests with total beam axial restraint; and two tests with realistic beam axial restraint.

From the tests performed without axial beam restraint (tests 1, 2 and 3), the effect of
temperatures can be observed: the joint rotation capacity and the ductility increase with
temperatures, by 6% at 500°C and 97% at 700°C, whereas the maximum sagging bending
moment is reduced by 20% at 500°C and 50% at 700°C.

From the tests performed with total beam axial restraint (tests 4 and 5), it is observed
higher sagging bending moment resistances without bolt failure. The observed increase in
moment capacity is in line with previous experimental and analytical results (Lima ez a/.,
2004; Simoes da Silva e al., 2004), resulting from the beneficial effect of low compressive
axial forces, that also lead to increase the joint rotation capacity and ductility. However,
these beneficial effects only happen for small values of compressive axial loads; higher
compressive axial loads would decrease the bending moment resistance of the joint (the

entire M-N behaviour of the joint is studied in chapter 5).

The objective of the demonstration test is to show the real behaviour of the sub-frame
joint when subject to a localised fire which leads to the loss of a column. When the bottom
column reaches 658°C, the column fails; beyond that, once the beam reaches 700°C, the
vertical displacement of the joint begins to increase faster, then the composite slab crushes,

and finally the sub-frame collapses.

Finally, catenary action is not attained in any tests; failure of the bolts in the bottom bolt
row is observed for small vertical displacements during the development of the
compression loads. These tests highlight the importance of the influence of slenderness of
composite beams on the robustness behaviour of the frame. Additional investigation is

performed in chapter 5.
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Chapter 4

4 Numerical models of heated composite steel-
concrete beam-to-column joints subject to

bending moments and axial loads

4.1 Introduction

This chapter presents a numerical study of the detailed behaviour of the composite
joints tested in chapter 3. These numerical studies are performed using the commercial
general finite element packages Abaqus, v6.12 (2012). The various capabilities of Abaqus
allow simulating complex engineering problems, including structural behaviour under fire
conditions (Wang, 2002). In Abaqus, complex geometries, interactions between materials
and elements, relevant non-linear material properties at elevated temperatures, and large
deformations can be modelled. All modes of structural behaviour involved in fire can be
simulated using a large library of finite elements, which enable the creation of an efficient
and detailed model. So Abaqus is capable to simulate composite structures subject to fire,
as well as modelling detailed behaviour of connections in fire. This program has been

chosen to perform the numerical studies of this thesis.

This chapter is divided in two parts: 1"~ two benchmark examples are presented to
validate the utilization of the Abaqus program for steel and composite structures subject to
fire, using beam and shell elements; 2°- a detailed three-dimensional finite element (FE)
model simulates the effect of the column failure on the composite joint behaviour, so the

joint is simultaneous subject to mechanical (bending and axial forces) and thermal loadings.
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4.2 Benchmark studies

In order to gain confidence in the FE results, two benchmark studies validate the
utilization of the Abaqus program for steel and composite steel-concrete structures subject
to fire, using beam and shell elements. The two following structures are analysed: A) a two-
dimensional steel sub-structure subject to a natural fire; B) two composite steel-concrete
beams simply supported, one tested at ambient temperature and another subject to the
standard fire ISO 834. The model A is calibrated from the available experimental test
results as well as the numerical results obtained by the program CEFICOSS published by
Franssen ez al. (1995). The model B is based on experimental results as well as numerical
results obtained by the program VULCAN, published by Huang e a/. (1999).

In Abaqus program, the available coupled thermal-stress analysis requires the use of
elements with both temperature and displacement degrees of freedom. If beam or shell
elements are used, which only have displacement degrees of freedom but no temperature
degree of freedom, temperature distributions under fire can be obtained by performing a
heat transfer analysis. The heat flow from the environment to the section is assumed to be
convective and radiative. These first thermal results are then used in a static or dynamic
analysis, where temperature gradients in the elements cross-sections are applied as

predefined temperatures.

The detailed presentation of the benchmark studies can be found in Appendix C.

4.3 Validation of the detailed 3D numerical model of heated

composite steel-concrete joint

4.3.1 Introduction

The detailed three-dimensional FE model is developed in Abaqus (2012) and simulates
the effect of the column failure on the composite joint behaviour. The joint is subject to
mechanical (bending and axial forces) and thermal loadings (constant temperatures). The
joint is modelled combining 3D solid and contact elements, thereby taking into account the
effect of the local failure modes. Due to the complex behaviour of a restrained beam under
fire, this model allows for the inclusion of initial geometrical imperfections, non-linear
temperature gradient, geometrical and material nonlinearity and temperature dependent
material properties. The model is calibrated against results reached from three experimental
tests described in chapter 3 (test 1 at ambient temperature, test 3 under 700°C, and test 6
under 700°C with spring beam axial restraint K,). The behaviour of the joint is investigated

and discussed in detail.
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4.3.2 Description of the numerical model

4.3.2.1 Boundary conditions

In order to save computational time, the symmetry of the joint is taken into account in
the model; only one fourth of the column, half of the end-plate, four bolts and one fourth

of the composite slab are modelled (Figure 4.1).

Figure 4.1: 3D FE model of the composite steel-concrete frame in Abaqus

The displacements out of the plane (x-direction in Figure 4.1) of: i) the column flange,
i) the column web in contact with concrete, and iif) the beam flanges are restrained, but the
local buckling of the webs is accepted. The beam support is located at a distance of 2.79 m,
measured from the end-plate. The y-direction at the beam support is restrained, leaving
free the z-direction; the top of the column is free in the y-direction, and the z-direction is
restrained all along the column web and the slab width. The application of the hogging and
sagging bending moments in the joint is simulated by displacement control at the top of
the column. For FE model where beam axial restraint (K,) is considered, a spring element
is used at the beam end (Figure 4.1), with a linear elastic behaviour (K, = 50 kN/mm, as in
test 0).

Because the purpose of this study is the joint behaviour, only the geometrical
imperfections in the end plate are reproduced in Abaqus: the measured initial deformation
of the end-plate (gap of 0.6 mm between the end-plate centre and the column flange) is

reproduced using a sinusoidal shape between bolt rows 2 and 3.

4.3.2.2 Element types and mesh

The main steel joint members are modelled with three-dimensional 8-node linear brick
reduced integration solid elements (C3D8R). Bolts M30 are modelled with a reduced

diameter size d, equal to 26.73 mm, equivalent to the resistant section A, (561 mm?); the
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hole around the bolt shank is 3 mm higher than the bolt diameter, as in the real
connection. Bolt head and nut are modelled circular and include the two washers that were
used during the tests; the bolt threads are not modelled (Figure 4.2a). In order to simplify
the model and save computational time, the upper part of the steel column, away from the
joint zone, is modelled using general B31 beam elements. The Abaqus “Coupling” function
joins these two finite elements. The steel sheeting of the composite slab is not considered,
and the shape of the ribs is simplified by an equivalent rectangular section of width 84 mm
(the simplification of the ribs shape is validated in Appendix D.3.3). The longitudinal and
transversal steel reinforcements are modelled with two-node three-dimensional truss
elements (T3D2) (Figure 4.2b). These steel bars are linked to the concrete slab by means of
an embedded constraint which neglects any relative slip and debonding of the mesh with
respect to the concrete (Qureshi ¢# al., 2011). In order to have full integration and avoid any
problem of hourglass modes in the slab, incompatible mode elements (C3D8I) are used.
Partial shear connection between the concrete slab ribs and the steel beam is taking into

account by modelling the shear studs with solid C3D8R elements (see section ).

2) b)
Figure 4.2: 3D meshed FE model in Abaqus: a) bolt, and b) rebars and shear studs detail

The bolts and the end-plate are meshed similarly (element size 3-5 mm), whereas the
column has a coarser mesh (element size 6-10 mm). Three elements are defined on the
thicknesses of the end-plate and the web and flange of the beam in order to correctly
model the local deformations out of their plane (Yu ¢z al., 2008).

4.3.2.3 Shear connection between composite slab and steel beam

To calibrate the 3D numerical model of the composite joint, three different solutions to
model the shear connection between steel and concrete are tested, from the simplest one to

the most advanced:

1- TIE: full shear and normal connection modelled by a tie connection in Abaqus;

2- Spring elements: horizontal and vertical springs connected between steel flange and
concrete slab; their behaviour is defined as in the benchmark example B (see
Appendix C.3);

3- Solid elements to represent each shear stud (see Figure 4.3a): these studs are fully
connected to the beam flange (tie connection) and contact interactions are defined

between each shear stud and concrete (see next section).
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Results are shown in Figure 4.3b. The third solution provides: i) the best results in
comparison to the experimental test results, under hogging and sagging bending moments,

1i) easiest numerical calculation: the FE model is able to reach large deformations.

600 ~

Vertical displacement (mm)

25 25 50 75 100 125 150

column (kN)
=)
N

Total vertical load at the

=200/ - — Experimental Test
---CFJ - TIE
-400 - CFJ - Springs
—CF]J - Solid
b)

Figure 4.3: a) Detalil of the shear stud in the slab; b) Bending moment versus rotation at the joint left
side — Comparisons between experimental and FEM results

4.3.2.4 Contact interactions

In order to gain confidence in modelling contact interactions, simple tests with contacts
between bolt and plate from bolted connections (Yu ez a/., 2008) are modelled using a static
analysis at ambient temperature (see Appendix D3.1). In the current model, contact
interactions are defined between: i) each shear stud and the surrounding concrete, ii) the
end-plate and the column flange, iii) the concrete slab and the steel column, iv) the
concrete ribs and the steel beam, and iv) each bolt and the column flange and the end-plate
(nut - column flange; bolt head - end-plate; bolt shank - column flange hole; bolt shank -
end-plate hole). Contacts are defined as surface-to-surface contact with a small sliding
option. Normal contact is defined as “hard contact” with default constraint enforcement
method, and separation is allowed after contact. A friction coefficient of 0.25 is used in the
tangential behaviour of steel to steel contact (Bursi and Jaspart, 1997), with penalty friction
formulation, and no friction is assumed between concrete and steel surfaces. Welds are not
modelled; steel beam is fully connected to the end-plate using the Tie option; shear studs

are also tied to the steel beam.

4.3.2.5 Mechanical and thermal loadings

The general static analysis is used. Several numerical steps are defined: step 1 - pre-
loading of bolts; step 2 - hogging bending moment; step 3 - heating; step 4 - loss of the
column (the column bottom support is inactivated); step 5 - sagging bending moment. Pre-
loading of bolts is simulated using the “Bolt load” option. The adjust length method is used
for each bolt (adjust of 0.07 mm), which reproduces the small pre-loading applied in the
experimental tests (about 120 kN). During the application of the pre-load, displacements of
the bolt heads and of the steel end-plate are restrained. Then the application of the hogging
and sagging bending moments in the joint are simulated by displacement control at the top

of the column. In step 3 (heating), temperatures are specified into specific points as
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predefined fields, and one amplitude curve defining the evolution of the temperature
measured during the test is introduced for each section type (Figure 4.4); detailed values of
temperatures are provided in Appendix D.3.4. In order to improve the convergence of the

model, an artificial viscous damping is also defined for each step.
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Figure 4.4: Temperatures distribution in the joint

4.3.3 Mechanical properties at ambient and elevated temperatures

4.3.3.1 Steel properties

For good correlation with experimental results, the full actual stress-strain relationship
of the materials must be adopted in the numerical simulation. The constitutive laws (at
ambient and elevated temperatures) are determined based on coupon tests (see section 3.4).
From the tensile test results, standardized stress-strain curves of structural steels S355]0+M
and S460M (Figure 4.5) are defined using: i) at ambient temperature, the Menegotto-Pinto
model (for materials of sharp-knee type) (Kato e a/., 1990), and ii) at elevated temperatures,
the stress-strain relationship for carbon steel defined in EN 1994-1-2 (2005) (strain
hardening is not considered). The high-temperature creep effect on the deformation of
structural steel is considered by using the temperature—stress—strain relations defined from
EN 1994-1-2 (2005). The reduction factors for the effective yield strength, the proportional
limit and the elastic modulus at elevated temperatures are calculated based on the measured
value at 20°C (see detailed values in Appendix A.3). As the real properties of the end-plate

material are not known (see chapter 3), the beam web material properties (at ambient
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temperature) are used in Abaqus. At elevated temperatures, reduction factors defined in
EN 1994-1-2 (2005) are considered.
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Figure 4.5: Stress-strain curves of steel from the webs and flanges of columns HEB 300 (§460) and
beams IPE 550 (8355), and from the end-plate (5355 - 15 mm thickness)

For Abaqus simulation, the nominal stress-strain measures (G,0m»Enom)> Obtained from
the standardized curves, are converted to the true stress-logatithmic strain values (Gyy,&q)
for the definition of the uniaxial material response (see Figure 4.6). These quantities are
defined with respect to the current length and cross-sectional area of the coupon, and are

related to the engineering values by means of the following relationships:

O-tt'l.l = O-HOI’II (1 +‘9norn) and gtruzln(l +‘9nom) (Eq' 4'1)

The descending branch is not taken into account in Abaqus simulations and a horizontal
plateau is considered after reaching the maximum steel strength, in order to facilitate the

convergence of the model and to reach high deformations. The coefficient of expansion is

assumed constant and equal to o = 1.4 107 /°C.
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Figure 4.6: True stress-logarithmic strain steel curves at elevated temperatures for: a) the flange and
web of columns HEB 300 (§460) and b) the flange and web of beams IPE 550 (§355)

Steel rebars are assumed as elastic-perfectly plastic material, with the elastic modulus
equal to 200 GPa, and the yield strength equal to 500 MPa. For the shear studs of 22 mm
diameter, material properties are adopted from (Nguyen and Kim, 2009) and the material is

77



CHAPTER 4

modelled by a tri-linear stress strain curve: elastic modulus equal to 208 GPa; yield stress
(416 MPa) determined at 0.2%; and ultimate stress (480 MPa) achieved at 0.6%.

4.3.3.2 Properties of M30 grade 10.9 bolts

At ambient temperature, the nominal stress-strain curves obtained from the tensile tests
of the black bolts M30, grade 10.9 are idealized by a bi-linear curve with a yield strength
equal to 932 MPa (g,,,, = 0.45 %) and the ultimate tensile strength equal to 1044 MPa
(€nom = 5 %0). At elevated temperature, the reduction factors of the tensile strength and the
elastic modulus are calculated based on the tests average results (see Appendix A.3), and
the Hanus” model for the stress—strain diagram of bolts at elevated temperatures is used
(Hanus ez al., 2011) (see Figure 4.7a). The true stress-strain values defined by (Eq. 4.1) are
used in Abaqus; a plateau is defined from ultimate stresses, as shown in Figure 4.7b. Table
4.1 presents the average values of strain to fracture at each temperature obtained from the

tensile tests; these values are considered to determine the bolt failure in the FE model.
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Figure 4.7: Stress-strain curves of steel from black bolts M30, grade 10.9 under ambient and

elevated temperatures: a) nominal values; b) true stress-logarithmic strain steel curves in Abaqus

Table 4.1: Average values of strain to fracture from tensile tests results on bolts M30, grade 10.9

Temperature (°C) Average strain to fracture (%)

20 11.27
200 9.91
400 11.40
500 13.68
600 24.83
700 38.05
800 43.39

4.3.3.3 Concrete properties

Concrete properties are defined according to EN 1992-1-1 (2004), and the stress-strain
behaviour of the concrete C25/30 in compression is shown in Figure 4.8a. The concrete
resistance in compression is defined by compression tests on concrete cubes (see chapter

3). In Abaqus, the concrete damaged plasticity model is used and the properties measured
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at 28 days are considered (at ambient temperature: /| = 28.8 MPa and E ., = 32 514 MPa);

the true stress-strain values are defined by (Eq. 4.1) and from ultimate stresses, a plateau is
considered (see Figure 4.8b). The behaviour of the reinforced concrete in tension is defined
by the maximum tensile stress defined in EN 1992-1-1 (2004) (2.8 MPa); in Abaqus, a
plateau is defined from strain & eqgon = 0.1 %0. The reduction of the concrete properties
at elevated temperatures is defined according to EN 1992-1-2 (2004). The coefficient of

expansion is assumed constant and equal to dcyperee = 1.8 10 /°C.
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Figure 4.8: Stress-strain behaviour of the concrete in compression: a) nominal values; b) true stress-

logarithmic strain curves used in Abaqus

4.3.4 Experimental and numerical response of the beam-to-column

joint at ambient and elevated temperatures

The comparison between experimental tests and FE results is based on: 1) the force-
displacement and moment-rotation curves for the three tests 1, 3 and 6, and i) the
moment-axial load curve for test 6. The reaction load at the column top and the vertical
displacement of the joint define the force-displacement curve. In the FE models, the joint
rotation is taken from the vertical and horizontal displacements measured at 30 cm from
the end-plate (Figure 4.9), so that local deformations of the end-plate do not influence the
real rotation of the entire joint. The bending moment is calculated using the reaction load
at the beam support R, (M = R; x hg,), where /g, is the horizontal distance between the
beam support and half of the column flange thickness. The axial load in test 6 is measured

in the axial restraint at the beam end.
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Figure 4.9: Selected nodes in the FE model to obtain the connection rotation

4.3.4.1 Beam-to-column joint at ambient temperature (test 1 —20°C)

The evolution of the total load applied at the column zersus the vertical displacement of
the joint, and the bending moment zersus the rotation of the connection are depicted in
Figure 4.10. The response of both experimental test and FE model are very close, with

similar initial stiffness’s under hogging or sagging bending moments.
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Figure 4.10: a) Applied load - vertical displacement; b) Bending moment - joint rotation

Under hogging bending moment, the behaviour of the joint is well predicted by the FE
model and a maximum value around M = -500 kNm is reached (Table 4.2). The concrete
slab reaches ultimate stresses under tension and cracks appear at the surface; yielding under
tension is shown in Figure 4.11; other components in tension such as rebars or bolts do
not even yield. The column web yields under compression loads; however, no instability is

observed and the ultimate stresses are not reached (Figure 4.12a).
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Table 4.2: Comparison of the FE results with the experimental results (test 1)

Force at the  Vertical displ. at the  Joint bending  Joint rotation
column F (kN) column top d, (mm) mom. M (kNm) @ (mrad)

Hogging  Test 351 18 7500 5
bending FEM -360 -18 -508 -4
moment Dy ) 26 33 14 156
At bol Test 502 147 707 48
£ Dot FEM 523 126 738 44
failure
Diff (%) 4.2 14.6 43 6.8
PEEQT
(Avg: 75%) §V:O mm
+3.889€-02
+3.000e-04
+8.250e-04 B
i3 b,=5 mm
16.0006-04
i
13 590e-04 »=-10.6 mm
+3.000e-04
+2.250e-04
+1.500e-04
+7.500e-05 0,=-17.5 mm
+0.0006+00 v

Figure 4.11: Evolution of the equivalent plastic strains in uniaxial tension (PEEQT) in the concrete

slab during the application of the hogging bending moment (£ = 2.9 MPa and ¢. = 0.01%)
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Figure 4.12: Distribution of the equivalent plastic strains (PEEQ) in the joint (yielded components):
a) under hogging bending moment; b) at bolt failure

Figure 4.10 shows differences between the residual deformation of the joint after the
hogging bending moment and the loss of the column: once the load is reversed
(F=-360 kN to zero), the vertical displacement measured during the experimental test
reached zero, whereas the FE model shows a residual vertical displacement d, = -7.2 mm.
However, this residual displacement is small and the error may be attributed to
measurement inaccuracies during the experimental test (notably due to the large size of the
specimen). Under sagging bending moment, a good agreement between the experimental
and numerical results is shown: the material degradation is well reproduced by the FE
model until the maximum load, corresponding to the bottom bolt row failure. In the FE
model, the bolt failure is assumed when the average equivalent bolt strain on the section
reaches the fracture strain measured during the tensile tests (11.3% - red cross in Figure

4.10); Table 4.2 shows the corresponding values of force, displacement, bending moment
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and rotation. At bolt failure, the higher resistance obtained by the FE model can be
explained by the non-consideration of the descending branches of o — & curves in all the

material properties.

Figure 4.13a presents the final deformations of the joint, after the failure of two bolts
identified in the bottom bolt rows of the /ff connection, due to a slight asymmetric joint
deformation (see chapter 3). Under sagging bending moment, the deformations of the joint
in the FE model when the bolt fails (Figure 4.13b) are similar to the experimental
deformations. After the test, a deformation of the end-plate was observed at its mid-height.
This local deformation is also observed in the FE model (gap of 2.2 mm). In the test, due
to high stresses/deformations, a crack appeared at the steel end-plate above the welds, after
the bolt failure. In the FE model, Figure 4.14a shows that almost the entire end-plate is

yielded, and ultimate strains (17.3%) are reached at the same location than the crack
observed in the tests (Figure 4.14b).

S, Mises
Local Right, (1-fraction = 1.0)
. (Avg: 75%)
7deformation of +1.0062+09
the end-plate 15231108

+8.218e+08
center +7.305e+08
+6.392e+08
+5.479e+08
+4.566e+08
+3.653e+08
+2.739e+08
+1.826e+08
+9.132e+07
+1.231e+04

Figure 4.13: Deformation of the joint: a) at the end of the experimental test 1 (4, = 209 mm); b)
when the bolt fails in the FE model (6, = 126 mm)
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Figure 4.14: At the bolt failure: Equivalent plastic strain (PEEQ) in the end-plate corresponding to:
a) the yielding (£ = 419 MPa; &, = 0.19%) and b) the ultimate stresses (f, = 539 MPa; ¢, = 17.3%);

) von Mises stresses
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Figure 4.12b shows the yielded parts of the composite joint at bolt failure. It is observed
that shear studs are strongly solicited due to the slip between the concrete slab and the steel
beam (partial shear connection); more details of the effect of the shear connection on the

joint behaviour are provided in chapter 5.

The deformations of the joint under hogging and sagging bending moments (points B
and C of the moment-rotation curve in Figure 4.10) are depicted in Figure 4.15; the joint
vertical displacement is also shown. This figure illustrates the load distribution in the
following activated joint components (represented by arrows): concrete in compression
(CSC), reinforcement in tension (RT), bolts in tension (BT) and beam flanges in
compression (BFC). The load in a component is obtained by integration of the NFORC
values over its cross-section (INFORC are the forces at the nodes of an element provided
by Abaqus). So, loads distribution in end-plate in bending (EPB), column flange in bending
(CFB) or column web in compression (CWC) is not represented due to the difficulty to
delimit the corresponding effective lengths. Under hogging bending moment, the neutral
axis is located between bolts rows 2 and 3, while, under sagging bending moment (at bolt
failure), it is located between the top bolt row and the beam top flange. Figure 4.14c
presents the von Mises stresses at the end-plate (at bolt failure); the bolt group mechanism
(bolt rows 3 and 4) is highlighted.
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Figure 4.15: Deformation of the joint (scale x 2), vertical displacements and load distribution in the
activated joint components (test 1)

Figure 4.16 depicts the evolution of the deformation of the bottom bolt row, the von
Mises stresses, the yielding and the fracture strains (11.3%): these stresses and strains are
induced by the deformation of the bottom part of the end-plate and are limited in the
shank zone in contact with the end-plate, as observed is the experimental test (failure near
the bolt head, see Figure 4.17).
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Figure 4.16: Evolution of the bottom bolt row deformation under sagging bending moment (scale x

1): a) von Mises stresses, b) Yielding, and ¢) Equivalent ultimate plastic strain PEEQ (g, > 11.3%)
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Figure 4.17: Failure of the bolt: a) at the experimental test; b) in the FE model (Equivalent strains at

fracture)

The evolution of the minimum principal stresses and the equivalent ultimate plastic
strains in the concrete slab in compression is depicted in Figure 4.18. It is clearly showed

that only the top part of the concrete slab thickness is under compression loading, while
the bottom part is under tension.
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Figure 4.18: Concrete slab under sagging bending moment (scale x 1): a) the minimum principal

stresses, and b) equivalent ultimate plastic strain PEEQ (g, > 0.2%)

4.3.4.2 Beam-to-column joint at elevated temperatures (test 3 —700°C)

The evolution of the total load applied at the column versus the vertical displacement of
the joint, and the bending moment zersus the joint rotation under 700°C are depicted in
Figure 4.19. The numerical results are compliant with the experimental response. The
deformation of the joint under hogging bending moment (points .4 and B of the force-
displacement curve (initial hogging moment and heating)) and sagging bending moment
(point C) are depicted in Figure 4.20; the vertical displacement and the load distribution in

activated joint components are also shown.
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Figure 4.19: a) Applied load - vertical displacement; b) Bending moment - joint rotation
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Figure 4.20: Deformation of the joint (scale x2) and vertical displacements: A) under hogging
bending moment, B1) under heating (minimum hogging moment at 32 min.), B2) under heating
(1h13min.), B3) under heating (1h30min.), C) under sagging bending moment (at bolt failure)

Under hogging bending moment and heating, the neutral axis remains between the bolt
rows 1 and 2, even if the local deformations of the column and beam webs change with the
increase of temperatures: B1- at the beginning, the beam web has higher out of plane
deformation than the column web, then B2/3- out of plane deformation of the column
web increases and reaches a maximum of 26 mm after 1h30min. (B3), when it reaches its
maximum temperature (682°C). Results corresponding to point Bl are detailed in Table 4.3
and compared with the experimental results. Discrepancies can be observed mainly for the
vertical displacement and rotation of the joint; again, they could be attributed to
measurement inaccuracies during the experimental test (due to the large size of the

specimen but also because the heated joint zone was not accessible to the measuring

devices).
Table 4.3: Comparison of the FEM results with the experimental results (test 3)
Force at the Vertical displ. at Connection Connection
column IF the column top  bending mom. M rotation @
(kN) J, (mm) (kNm) (mrad)
Min. load during the Test -366 -16 -517 -10
temp. increase (B1- FEM -340 -8 -480 -3
hogging bending  Diff. - , 493 73 715
mom.) (%)
Test 252 231 357 90
Max. load (sagging FEM 254 133 338 50
di : i
bending mom.)  Diff. 06 427 53 442

(o)

Under sagging bending moment, a proper agreement between the experimental and

numerical results is shown: the material degradation is reproduced by the FE model up to a
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maximum load equal to the measured maximum load in the test (Figure 4.19). However,
the corresponding vertical displacement 4, /rotation @ is lower than measured in the test
(Table 4.3). The FE model presents similar stiffness than the “unloading-reloading”, which
explains the smaller deformations obtained under the maximum load. In the FE model, the
bottom bolt row fails under @,, = 37 mrad (M = 323 kNm); the failure is assumed once
the equivalent bolt strain average on the section reaches the fracture strain obtained from
the tensile tests (28% at 626°C). Under sagging bending moment (at bolt failure), the
neutral axis is located between the rebars and the concrete in compression (Figure 4.20C).
The failure of the bottom bolt row was not noticeable during the test; it was probably
reached during the cooling phase (see chapter 3).

Figure 4.21 compares the final experimental deformation of the connection to the FEM
deformation when the bolt fails. Similar deformations are obtained. Figure 4.21c shows the
yielded parts of the composite joint at bolt failure. Webs of beam and column have already
reached their yield strains during the heating phase, due to the thermal dilatation prevented
by the beam flanges (lower temperature) and the parts of the beam and column that remain
at ambient temperature. At bolt failure, the column flange (476°C) is the less yielded

component, because the main deformation of the connection happens in EPB and bolts.
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Figure 4.21: a) Deformation of the joint at the end of the experimental test (322 mm of vertical

displ.); b) FEM deformation of the joint when the bolt fails and von Mises stresses (102 mm of
vertical displ.); ¢) Equivalent plastic strains (yielded components) at bolt failure

Figure 4.22 depicts the evolution of the deformation of the bottom bolt row, but also
the von Mises stresses, the yielding and fracture strains (28%). As for test 1, these stresses
and strains are limited in the shank zone in contact with the end-plate, as observed in the
experimental test (failure near the zone between the column flange and the end-plate, see
Figure 4.23).
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Figure 4.22: Evolution of the bottom bolt row deformation under sagging bending moment and
626°C (scale x 1): a) von Mises stresses, b) Yielding, and ¢) Equivalent plastic strain PEEQ at failure

(énom= 2870)

fH“}\

Figure 4.23: Failure of the bolt (626°C): a) observed at the end of the experimental test; b) in the
FE model (Equivalent plastic strains corresponding to failure)

The evolution of the minimum principal stresses and the equivalent plastic strains
(ultimate, indicating concrete crushing) in the concrete slab in compression is depicted in
Figure 4.24. As observed in test 1, only the top part of the composite slab is under
compression loading and the bottom part is under tension. The concrete is only heated to
200°C and concrete properties are not reduced. However, a smaller area of concrete
crushes under compression (Figure 4.24b) in comparison to the ambient temperature test

(Figure 4.18b), due to the smaller developed bending moment.
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Figure 4.24: Concrete slab under sagging bending moment (scale x 1): a) the minimum principal

stresses, and b) equivalent ultimate plastic strain PEEQ (g, > 0.55%)

4.3.4.3 Beam-to-column joint at elevated temperatures and subject to axial loads
(test 6 —700°C)

For the test 6 under 700°C (K, = 50 kN/mm), the evolution of the total load applied at
the column versus the vertical displacement of the joint is depicted in Figure 4.25a, and
Figure 4.25b shows the deformed joint when the bolt failed.

B3 300 - .
2\200 | .7 — =
& _ 100 4
Tz , ) _ u, U1
§& Vertical displacement (mm) +3.257e-03
= ‘ ‘ ‘ ‘ ‘ ‘ +5.773e-04
g g_l Rl 25 75 125 175 225 275 giggggg
5= A 1014002
> 5200 _ -1.282e-02
—‘g B2 — Experimental test 6 Taieoe
= 300 --FEM -2.086e-02
) -2.354e-02
_40(? < x FEM - Bolt fail. (su = 30%) el
a) b)

Figure 4.25: test 6 - a) Applied load - vertical displacement; b) Deformation of the joint when the
bolt fails (scale x 2)
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A proper agreement between the experimental and numerical results is shown. Under
hogging bending moment, good results are obtained by the FE model for the load applied
at the column and the joint bending moment, as shown in Table 4.4. During the heating
phase, as observed in the experimental tests, the beams ends move in the outward direction
due to thermal expansions of beams, and compression loads are applied by the axial
restraints. After the column loss, under sagging bending moment, the axial restraints
increase the compression loads because beams ends continue to move outwards (see
chapter 3); the bending moment versus the joint rotation and the bending moment zersus the

beam axial load are depicted in Figure 4.26.

Table 4.4: Comparison of the FEM results with the experimental results (test 6)

Load at the Vertical displ. Connection  Connection .
. . Beam axial
column  at the column bending mom.  rotation load (kN)
(kN) top (mm) (kNm) (mrad)
Min. load during Test -342 -9 -483 -2 58
the temp. FEM -314 -9 -416 -3 115
increase Diff.
(hogging mom.) (%) -8.18 0.87 -14.01 19.91 97.44
Test 208 111 331 39 268
Max. load FEM 253 127 454 38 670
(sagging mom.) Diff. 21.86 14.92 36.94 -0.22 150.04
(o)
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g ’ < ‘5 | P -
eg W, %@20“%? -
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Figure 4.26: 2) Bending moment - joint rotation and b) Bending moment — axial load (test 0)

The initial stiffness of the FE model (Figure 4.25a) is slightly higher than observed in
the test. The material degradation is well reproduced by the FE model, but some
discrepancies appear for the loads measured at the column top and at the beam axial
restraint (Figure 4.26 and Table 4.4). In the FE model, a higher axial compression load is
observed in the beam restraint, which increases the sagging bending moment within the
joint. During the experimental test, the measured beam axial load and initial stiffness under
sagging bending moment may be reduced by the effects of the creep. Creep is defined as a
time-dependant plastic strain under constant stress and temperature. It is a phenomenon
that mostly influences the fire resistance of restrained steel members subject to elevated

temperatures, and its influence is higher as the axial restraint stiffness is increased (Kodur
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and Dwaikat, 2010). Huang e# 4/ (2006) also showed that modelling creep in axially and
rotationally restrained steel columns influences their failure behaviour in a significant way.
Moreover, where heating rate is slow (for example for insulated members), the effect of
high temperature creep becomes dominant and should be accounted for in the analysis
(Kodur and Dwaikat, 2010). Both experimental tests 3 and 6 ran during about 8 hours,
with slow heating followed by constant temperature state (700°C) and increase of stresses;
so creep effects could affect the deformation of the frame and the reaction loads, mainly in
test 6 subject to the influence of the beams axial restraints. The temperature—stress—strain
relations defined from EN 1993-1-2 (2005) compensate the transient effect of creep by
underestimating the stress causing plastic strain (Anderberg, 1988). However, according to
(Kodur and Dwaikat, 2010), these relations do not properly account for high-temperature
creep; indeed, creep characteristics change with time, as stress and temperature, and it is
impossible to fully include the effect of creep in static stress—strain curves that do not
incorporate the time factor (whether rates or absolute times). In Abaqus, the subroutine
CREEP can be defined using the magnitude of the creep strain rate; two creep laws are
also available and can be used in the material properties definition (the power law and the
hyperbolic sine law). However, modelling creep effects in the 3D FE model is a very
complex problem: 1% data necessary to define the creep laws ate not available in the
literature and 2™, even simplified definition of creep material properties in the 3D FE
model makes it very difficult to converge. In the current FE model, creep is not defined as
a time-dependent material property and the effect of creep is underestimated, which can
stiffen the structural response by decreasing the deflections and increasing the restraint
forces. Note that concrete creep due to elevated temperatures is not contemplated due to

the low measured temperatures in the slab (lower than 300°C).

In both experimental test and FE model, concrete crushing in compression is the first
failure mode observed, due to the joint rotation and the resulting high compressive strain at
the upper concrete surface (see chapter 3). In the FE model, the ultimate strain under
200°C is set equal to 5.5%o, as defined in EN 1992-1-2 (2004), and the 1" elements that
reach the failure are located in the concrete in contact with the column flange. The
evolution of the minimum principal stresses and the equivalent plastic strains (ultimate) in
the concrete slab under compression (during sagging bending moment) are depicted in
Figure 4.27. As observed in previous models, only the top part of the composite slab in

under compression loading, while the bottom part is under tension.
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Figure 4.27: Concrete slab under sagging bending moment (scale x 1): a) Minimum principal

In the FE model, the bottom bolt row fails at @, =51 mrad of rotation
(M = 460 kNm); the failure is assumed once the equivalent bolt strain average on the
section reaches the strain to fracture (30%) at 643°C. Figure 4.28 compares the final
experimental deformation of the connection to the FEM deformation when the bolt fails.
The failure of the bottom bolt row was not noticeable during the test; however, the
moment-rotation curve (Figure 4.26a) shows that a bolt failure was probably reached under

a)

b)

@ = 83.3 mrad of joint rotation (M = 300 kNm).

Figure 4.28: a) Deformation of the joint at the end of the experimental test (9, = 513 mm); b) FEM
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The deformation of the joint under hogging bending moment (points .4 and B of the
force-displacement curve) and sagging bending moment (point C) are depicted in Figure
4.29. Under hogging bending moment (point .4) and during heating (point Bl), the neutral
axis is located between bolts rows 2 and 3. At the end of heating (point B3), the top part of
the slab is under compression loads. Under sagging bending moment (at bolt failure), the
neutral axis is located between the longitudinal reinforcement and the top part of the

concrete slab in compression.
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Figure 4.29: Deformation of the joint (scale x 2) A) under hogging bending moment, B1) under
heating (41 min.), B2) under heating (minimum hogging moment at 2h20min.), B3) under heating
(at the end, at 2h43min.), C) under sagging bending moment (at bolt failure)

Figure 4.30 shows the yielded parts of the composite joint at bolt failure. Because of the
slight thermal dilatation of the concrete linked to the reinforcement, additional stresses are
observed in the reinforcement (in comparison to the ambient temperature test). Webs of
beam and column also yield during the heating phase, due to the thermal dilatation
prevented by the beam flanges (lower temperature) and the cooler parts of the beam and

column. At bolt failure, all the components yield in the heated zone.

PEEQ
Right, (1-fraction = 1.0)
(Avg: 75%)

0.3498
0.0000
0.0000
0.0000

Figure 4.30: Equivalent plastic strains (yielded components) in the joint at bolt failure
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Figure 4.31 depicts the evolution of the deformation of the bottom bolt row, the von
Mises stresses, the yielding and the strains to fracture (30%): these stresses and strains are

also localised in the shank zone, as for previous models.

S, Mises (N /m?2)
(Avg: 75%)
+2.420e+08
+2.178e+08
+1.936e+08
+1.694e+08
+1.452e+08
+é§ége+8§ PEEQ
+9, e+
17.2616407 AC YIELD :2 o
+4.841e+07 1.0 +2.465e-01
+2.421e+07 0.5 +2 465e-01
+1.530e+04 0.0 +0.000e+00

0y, = -14 mm
“ M= -61 KNm
' d, = 60 mm
® =16 mrad
{ M = 359 kNm
| ) At bolt failure
‘ 8, = 162 mm
® = 51 mrad
M =480 kNm
a) b)

Figure 4.31: Evolution of the bottom bolt row deformation under sagging bending moment and
643°C (scale 1): a) von Mises stresses, b) Yielding, and ¢) Equivalent plastic strain PEEQ at failure
(€nom= 30%)

4.3.4.4 Discussion of the behaviour of the joint based on the numerical results

Figure 4.32 depicts the evolution of the bending moment at the joint versus the joint
rotation for the three FE models (tests 1, 3 and 6); Table 4.5 provides detailed values at
bolt failure. In test 1, the joint reaches a vertical displacement, rotation and bending
moment higher than for test 3. The lower resistance in test 3 is due to the elevated
temperatures that reduce the material properties. The lower rotation capacity is due to
different distribution of forces in the activated components. In test 3, the shear connection
between composite slab and steel beam is less “requested”, due to the more deformable
joint, and lower sliding is observed (the behaviour is similar to a full shear connection). So,
all the bolt rows are in tension, and the top part of the concrete slab is the unique
component in compression (see Figure 4.20). In test 1, two main components are in
compression: the top part of the concrete slab and the top flange of the beam (Figure
4.15). The effect of the partial shear connection in the composite beam is studied in
chapter 5, section 5.4.5. Test 6 is subject to higher temperatures than test 3, which
corresponds to weaker material properties. However, the resistance and capacity of rotation
of the joint are higher due to the beneficial effect of the axial compression loads at beam

end. Additional investigation is provided in chapter 5.
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Numerical models of heated composite steel-concrete beam-to-column joints subject to
bending moments and axial loads

800 -
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-600 - —test 6 (700°C)

Figure 4.32: Bending moment - joint rotation of the three tests models

Table 4.5: Comparison of the FEM results (tests 1, 3 and 6) at bolt failure

Vertical displacement &, Rotation of the Bending moment M
(mm) connection @ (mrad) (kNm)
Test 1 131 44 744
Test 3 102 37 323
Test 6 162 51 480

Figure 4.33 presents the three joints at bolt failure; it shows that end-plates of tests 3
and 6 are more deformable than end-plate of test 1, due to elevated temperatures that
increase the material ductility. At ambient temperature, a slight deformation of the column

flange is observed, which helps to increase the joint rotation before reaching bolt failure.

Test1-0,=131 mm, ® =44  Test3-4,= 102 Test 6 - 6,= 162 mm, @ = 51
mrad mm, @ = 37 mrad mrad

Figure 4.33: Deformation of the joints (scale x 2) and load distribution in the activated joint

components

95



CHAPTER 4

4.4 Concluding remarks

This chapter presents FEM analyses of steel and composite steel-concrete elements

using the non-linear finite element package Abaqus, v6.12.

A preliminary validation of the FEM program is performed for analysis of steel and
composite steel-concrete structures subject to fire; beam and shell elements are used. These

benchmarks examples help to gain confidence in the FEM results.

Afterwards, 3D FE models of the beam-to-column joint subject to the loss of the
column due to a localised fire are developed in Abaqus and calibrated against three
experimental tests. The global behaviour of the composite steel-concrete joint in Abaqus is
accurately modelled, the joint failure is easily approximated and accurate deformation
predictions up to failure is provided at ambient and elevated temperatures (700°C in the
beam bottom flange). These FE models allow assessing the detailed behaviour throughout

the entire robustness scenario, including stresses, extensions, deformations, etc....

In the model of test 6 (700°C and K, = 50 kN/mm), some disctepancies appear for the
loads measured at the column top and at the beam axial restraint, and higher resistance is
provided by the FE model. This is justified by the creep effects that may affect the
deformation of the frame and the reaction loads during the experimental test, mainly for
test 6 subject to the influence of the beams axial restraints. The creep effects are not

modelled in the FE model and should be considered in further developments.

In the next chapter, the FE models are used to investigate the influence of various

parameters (temperature, beam axial restraint K, beam span length, etc...) on the fire
response of the joint, and the combined bending moment and axial loads in the joint is

studied in details.
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5 M-N behaviour of joints

5.1 Introduction

Under extreme loading, joints play an important role in providing ductility and
resistance for steel-composite structures. Once the column fails, the joint suffers a vertical
displacement downwards, and its bending moment changes from hogging (M ) to sagging
(M™) bending moment. The joint is also subject to axial loads created by the beam axial
restraints coming from the unaffected part of the building. Under fire scenario, additional
loss of joint resistance due to elevated temperatures needs to be considered, and the joint is
subject to combined bending moment, axial loads and temperatures. Once the sub-frame
reaches large deformations without failure, catenary action is developed in the frame and
the joint is subject to tensile loads. Therefore, joints need i) ductility (rotation capacity) to
accommodate large deformations without failure and ii) resistance to be able to sustain the

new loading.

The objective of the study presented in this chapter is to provide additional information
on the joint behaviour at failure when it is subject to sagging bending moments, axial loads
and elevated temperatures after the loss of a column due to a localised fire. The behaviour
of the joint is analysed based on numerical and analytical results. The FE models presented
in chapter 4 are used for the study. Due to the complexity of the 3D numerical model and
its time-consuming, the analytical procedure developed at the University of Licge
(Demonceau et al., 2013) is also employed to predict the M-N curves of joints. This
analytical procedure is presented in detail at the beginning of this chapter, and its
applicability to steel and composite joints at elevated temperatures is demonstrated. Finally,
based on the results, it is expected to enlarge knowledge of the effect of some parameters

that influence the robustness of tall open car park buildings.
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5.2 Analytical procedure to predict the M-N behaviour of

joints
5.2.1 Introduction

The component model, presented in EN 1993-1-8 (2005) and EN 1994-1-1 (2004),
provides an analytical method to design steel and composite joints subject to pure bending
moment solicitations. This method is based on the assumption that the axial force Ny, in
the connected member does not exceed 5% of the design resistance N, g4 Of its cross-
section. The University of Liege developed an analytical procedure, based on the
component model, which is able to evaluate the nonlinear response of steel and composite
steel-concrete joints subject to bending moments, axial loads and elevated temperatures.
The analytical procedure only considers the joint at failure, and the entire M-N curve of
any bolted beam-to-column joint can be drawn. This procedure was first developed for
steel joints (Cerfontaine, 2004), then it was adapted for composite steel-concrete joints
(Demonceau, 2008) and finally enlarged for steel and composite joints subject to elevated

temperatures (Demonceau ez a/., 2013).

The methodology for steel joints, composite steel-concrete joints and joints subject to
elevated temperatures is described in this section. In the next section (5.3), its applicability
to steel and composite joints subject to elevated temperatures is demonstrated by two

examples.

5.2.2 M-N behaviour of steel joints

5.2.2.1 Introduction

The analytical procedure to define the M-N curve of steel joints is presented in the
following section. The theoretical considerations are illustrated throughout the text by an
example of application to a steel connection tested by Santiago (2008). In Santiago (2008),
experimental and numerical results are provided for six beam-to-column sub-frames
subject to a natural fire. The sub-frame was composed by two thermally insulated steel
columns (HEA 300 cross-section of steel grade S355) and an unprotected beam (IPE 300
cross-section of steel grade S355) with 5.70 m free span, supporting a concrete slab. The
objective was to evaluate the behaviour of various typologies of steel joints under a natural
fire and their influence on the structural global behaviour. In the present work, the flush
end-plate joint typology FJ03 is considered, with end-plate 16 mm thick of steel grade S275
and two bolt rows M20, grade 8.8 (Figure 5.1a).

5.2.2.2 M-N curve

The analytical procedure is in full agreement with the Eurocode component model (EN
1993-1-8, 2005), and it is based on the assumption that all the components activated at
failure are fully ductile: a plastic redistribution of the forces is considered within the joint

without any displacement limitations.
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M-N behaviour of the joint

In the method, the connection is divided into different rows: some of them can be
activated in tension (at the level of each bolt row), others in compression (at the level of
the beam flanges axes). Each row is numbered from the top to the bottom; Figure 5.1b
depicts the 4 rows defined for the FJ03 connection: 1) beam top flange (BTF), 2) 1% bolt
row, 3) 2™ bolt row, and 4) beam bottom flange (BBF). The position of each row is
defined in relation to a reference axis, by the distance /; (from the reference axis to row 7).
This reference axis corresponds to the point where axial load and bending moments are
assumed to be applied (here at mid-height of the steel beam profile), and the distance 4; is

considered positive for rows above this axis, and negative for rows below.

200
50, 100 50
M20,|cl 8.8 =
| — M20,|c1 8.8
| — . , (T)~ 1©
-
- IPE300g | ¢ ol z2mm Reference —|. —|. — ___T
& m g 1 3(T)m
é {1 16 ? 100 J 100 l 100 __ﬁ‘i‘ \C)
FJO3
a) b)

Figure 5.1: a) Geometry of the flush end-plate joint FJ03 (Santiago, 2008); b) Identification of the

rows and position of the reference axis

The resistance of a row is defined by the weakest basic component resistance involved
in the row, and the resistance of each basic component is calculated according to the
formulas provided by EN 1993-1-8 (2005). Table 5.1 presents the resistance of each
component involved in the rows of the example; these values are calculated with all safety
factors equal 1.0 and using the ultimate strengths obtained from tensile tests (Santiago,
2008). The resistances are limited by: i) column web in compression (CWC) for rows in
compression (1 and 4), and i) end-plate in bending (EPB), mode 2, for rows in tension

(2 and 3).

The resistance of the group defined by rows 2 and 3 is lower than the sum of each
separated resistance, which means that the failure in tension is governed by the group
resistance. Under pure hogging bending moment (M ), row 2, in tension, should be the
most loaded in order to provide the highest value of hogging bending moment resistance:
Frapx =297 kN, and the resistance of row 3 is defined by the group resistance:
Fras = 575-297 = 279 kN, where Fgq; is the ultimate resistance of row 7 defined under
M™. Under pure sagging bending moment (M"), row 3 is the most loaded; Table 5.2
presents the resistance of each row, Frq and Fry, considering group effects, under hogging

and sagging bending moments, respectively.
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Table 5.1: Resistances of all the components in the steel joint (kIN)

Row : mbrin) CWC BFC CWS CFB EPB CWI BWT BT
l(op) C 145 605 1073 956

2 T 90 368 297 593 850 368

3 T 90 368 297 593 850 368

Group 23 T 736 575 1166 1540 736

4 Bottom) C -145 605 1073 956

C = compression / T = tension

Table 5.2: Resistance of each row considering the group effects

Under M~ Under M Weakest
Row /4 (mm) Fra (kN) Fry (kN) components
1 145 605 605 CWC
2 90 297 576-297 = 279 EPB
3 -90 576-297 = 279 297 EPB
4 -145 605 605 CWC

When the connection is subject to a combination of bending moment and axial force, a
row is activated or not, depending on the position of the neutral axis, and whether the
upper rows are in tension or in compression. The activated rows can easily be determined,
depending of the position of the neutral axis. In the method, these activated rows are
supposed to sustain a force equal to their resistance (plastic redistribution), while the other
rows sustain a force equal zero. The neutral axis position is chosen between the top and the
bottom of the joint (e.g. upper row 1, then between rows 1 and 2, then between rows 2
and 3, etc...). For each position of the neutral axis, the corresponding loading (M, N) can
be calculated using the equilibrium equations (Eq. 5.1) (Demonceau ¢/ a/., 2013).

N= Elctivated rows i F Rd,i and M= Exctivated rows i F Rd,i Xbi (Eq 5. 1)

where Fry; is the force sustained by row 7, and /; is the distance between row 7 and the
reference axis. Table 5.3 presents the calculation of bending moment and axial force
resistances for various chosen position of the neutral axis. Each position provides a point
(M,N) of the curve (a4, b, ¢ d, ¢ under M7, and a, b, ¢, d, ¢’ under M ™). As in previous
chapters, the resistance of each row is defined positive in compression, and negative in

tension.

Figure 5.2 presents the two M-N interaction curves, under sagging and hogging bending
moments; the load distribution in the connection is also represented at each point. The
ductile resistance interaction diagram derived from this procedure corresponds to a plastic
resistance surface, and the joint can resist to any couples (M, Np,) remaining inside this
surface. For any point of the curve, the failure of the connection is assumed when the
forces in the rows cannot increase anymore, except in one row 4; it is assumed that this

failure is reached when the last row (other than row £) reaches its ultimate resistance Fgq

100



M-N behaviour of the joint

(Cerfontaine, 2004). This last row defines the ultimate failure mode (UFM) of the
connection. Cerfontaine (2004) observed that the slope of any segment of the M-N curve
corresponds to the lever arm /4, and for each one, the load in row £ varies from 0 to its

maximum resistance Fgg.

Table 5.3: Calculation of bending moment and axial force resistances for various positions of the

neutral axis

Under M~ Under M+
Row /i (mm) a o' I d ¢’ a b ¢ d e
1 145 605 0 0 0 0 605 605 605 605 0
2 90 0 0 -297 297 -297 0 0 0 -279 =279
3 -90 0 0 0 279 279 0 0 297 =297 297
4 -145 605 605 605 605 0 605 0 0 0 0
M (kNm) 0 -88 -114 -89 -2 0 88 114 89 2
N (kN) | 1210 605 308 30 -575 | 1210 605 308 30 -575
T
g ] JO Sagging 3£ — ; —
vy 2= —> 4c
=
1- «—
T

& Compression

1200 1500

Temz'gn

-900

4- —

3h —» c'1 ——TFJ03 - No interactions
«— 20 —> ] )
-150 Hogging E -+-FJ03 - With interactions
o
4 —

Figure 5.2: M-N curve of the steel connection FJ03 under M~ and M *

Note that under pure tension (IN = -575 kN), the ends of both curves are not coincident
(points ¢ and ¢) because the bending moments are different (2 kNm and -2 kNm,
respectively). This difference provides from the changing load distribution in bolt rows 2

and 3 under M~ and M ™, because of the group effects (see Table 5.3). As the lever arms
(b =90mm and /3 =-90 mm) are kept constant, two different values of bending

moments are obtained.

The (M,N) point of the curve corresponding to pure M* is on the segment e-d (Figure

5.2). On this segment, the ultimate resistances of rows 2 and 3 are reached, and the load in
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row 1 varies from 0 (point ¢) to FRtM (point d). So, under pure M ¥, the ultimate resistance
of row 1, ng’b is not reached, and row 1 corresponds to row £ defined by Cerfontaine
(2004): row 1 is the only row where forces could increase more, but its value is limited to
verify the equilibrium of (Eq. 5.2). Table 5.4 depicts the load distribution under pure M~
and M* deduced from the M-N curve (segments d-¢ and d*¢). Failure is defined by the last

row to have reached its ultimate resistance: the group of bolts in tension (rows 2 and 3). So

the component associated to the joint failure is EPB.
NZO:ZFRd)i>O FRd,i +ZFRd,i<O FRd,i (Eq 52)

Table 5.4: Load distribution and ultimate failure modes (UFM) under pure bending moment

Under pure M~ Under pure M+
- +

I'rg (kN) I'rq (kN)

2r —> I, N 1 <—F+ &

Load F +Rd’2 ok krd(z )
distributi 3 Rd3 ’

Ten L F (R 3 —> Fras
UFM EPB EPB

The same calculations can be performed along the entire M-N curve, and ultimate
failure modes (UFM) are indicated in Figure 5.21 (CWC in segments a-d and a-d’, and EPB
in segments d-¢ and d*¢). The simplified procedure to define the UFM provides good
results because the connection is limited to one row in compression with one load in
tension (group of rows 2 and 3). Cerfontaine (2004) also defined a general approach to
predict the failure mode of the connection based on its rotation at failure. However, this
approach is not yet adapted for composite joints or joints at elevated temperatures; it is not
used, neither presented in the current thesis, but a brief description is shown in Appendix

E.1, illustrated by an example.

If some components do not have a ductile behaviour (such as bolt in tension), the
reduction of resistance can be considered along the entire M-N curve; more details can be
found in Cerfontaine (2004). In the example, all the components linked to failure are

considered ductile, so no fragile failure is expected, and the M-N curve is not modified.

5.2.2.3 Effect of stresses interactions

Interaction phenomenon between shear, normal and axial loads in the column can affect
the resistance of its components: i) CWC, and ii) CWT (EN 1993-1-8, 2005). The effect of
these interactions on the M-N curve is noticeable when the resistance of a row depends of
one of these components (Cerfontaine, 2004). The level of interaction depends of the
applied loads and of the load distribution in the connection. So an iterative calculation is
needed for each point of the M-N curve where the components resistance is affected by

these interactions.
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M-N behaviour of the joint

Interactions between shear and axial Joads

The resistance of the web panel under compression (CWC) or tension (CWT) can be

reduced by the presence of shear.

Under compression, the resistance of the component CWC is given by (Eq. 5.3) (EN
1993-1-8, 2005). In the example, the resistances of both rows 1 and 4 in compression

depend of this component CWC; interactions need to be considered.

F Ry bcff,c,wc twc/gf,wc < 00k beff,c,wc By ywc

c,wc,Rd = = (Eq. 5.3)
Mo M1

In (Eq. 5.3), befrewe is the effective width of column web in compression, ¢ is the
reduction factor for plate buckling, £&,. is a reduction factor due to the longitudinal
compressive stress in the column (see next sub-section), and w is the reduction factor to
allow for the possible effects of interaction with shear in the column web panel. This
reduction factor w depends of the transformation parameter j that reflects the importance
of shear in the column web panel at the point where the column web is under
compression. For a single-sided joint, the shear load can be calculated by (Eq. 5.4). Where
M, is the applied bending moment at the beam, and g is the distance between the centre of
compression and the centre of tension; z is defined by Cerfontaine (2004) in Table 5.5. The
transformation parameter § is provided by (Eq. 5.5) (obtained from (Eq. 5.4), where
My, = FpqXg), and for a beam-to-column connection subject to combined bending
moment and axial load, the mean shear [z can be calculated by (Eq. 5.6). In this equation,

the compression loads Fpy and [N, coming from the bending moment M, and the axial

load (distributed between the top and bottom flanges), respectively, are considered.

VEa=p % (Eq. 5.4)
g4

p=— (Eq. 5.5)
“Ed

Vg = % o (Eq. 5.6)

In the example (steel connection FJ03), the verification of interactions at point ¢ of the
M-N curve (M¥) is detailed in Table 5.6. This process is repeated, and after a second
iteration, the new reduced resistance of row 1 in compression is Pﬁ%‘ﬁz = 595.5 kN. Table
5.7 provides the corrected value of bending moment and axial load for the whole curve
(the new resistance values are underlined). The M-N curve is still perfectly symmetrical

under sagging and hogging bending moments (see dashed lines in Figure 5.2).
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Table 5.5: Definition of g (Cerfontaine, 2004)

Under bending moment and axial load

Under pure compression

Under pure tension (the lever arm is

obtained by taking the distance from the

farthest row in tension j, to a point that

considers all the other rows in tension )

Xi=1 hF X5=1 biE

_ + - _ Fi>0 Fi<0

= | = _

7 PP TR I R
Fi>0 Fi<0

= btop flange ‘bbottom flange

DIREEA Y
Fi>0,i#
= |5
2 i=1 Fl
Fi>0,i#

Table 5.6: Details of the first iteration to consider the interactions shear-axial load in the column

web in compression (point ¢ of the M-N curve of the example)

Lever arm g

Mean shear g4

Transformation parameter f

Reduction factor w (EN 1993-1-8)

Resistance of the column web in compression

calculated with the new value w

Corrections of bending moment and axial load

values

z= 145 + 90 = 235 mm.

VEd:N—:-F% = 641 kN

B=abs (m) =2 = 1.06

Frq 605
w = 0.83
ch,Rd:FE—d,l,new = 595.3 kN.

AM1=hy (Fra g pew-Fra1) = -1.41 KNm

ANC,1 :Fl;—d,l,new‘Flith =-0.01 kN

Table 5.7: Load distributions for the particular points of the M-N curve considering the stresses

interactions
b Under M~ Under M™*
Row (mm) a b' ¢ d ¢’ a b ¢ d ¢
1 145 605 0 0 0 0 605 605 5955 601 0
2 90 0 0 =297 297 297 0 0 0 =279 =279
3 -90 0 0 0 =279 279 0 0 =297 297 -297
4 -145 | 605 605 5955 601 0 605 0 0 0 0
M (kNm)| 0 -88 13 -89 -2 0 88 113 89 2
N (kN)| 1210 605 299 26 -575 | 1210 605 299 26 -575
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M-N behaviour of the joint

The component CWT (bolt rows in tension) should also be checked considering shear
and axial interactions. This resistance depends of the coefficient w (see EN 1993-1-8,
2005), calculated as for the CWC component. In the example, the resistance of CWT is
higher than the resistance of EPB, and interactions do not affect the (M,IN) results.

Interactions between axial and normal loads

For the column web in compression component, the effect of the normal stresses
coming from axial loading of the column, combined with bending, is considered by the
reduction coefficient /éwc:f(acom,Ed)‘ This coefficient considers the possible instability of
the column web panel under combined compression loads. This possible reduction of
resistance has to be checked for all the M-N curves; in this example, the resistance of the

connection is not affected.
5.2.3 M-N behaviour of composite steel-concrete joints

5.2.3.1 Components of the concrete / composite slab

In composite steel-concrete joints, two main components from the concrete/composite
slab can be activated: i) under hogging bending moment (top row in tension): longitudinal
steel reinforcement in tension; ii) under sagging bending moment (bottom row in tension):
concrete/composite slab in compression. The component /longitudinal steel reinforcement in
tension (RT) is defined by EN 1994-1-1 (2004), and this component is considered like a

bolt-row in tension in the component method.

The resistance of the component concrete/ composite slab in compression (CSC) is defined in

Demonceau (2008) by (Eq. 5.7), assuming a rectangular stress distribution:

FRd,conc:beff,conn zconcj[cd (Eq 57)

. . . . Jq
Where f  is the design value of the cylinder compressive strength of concrete f | = ;—k

C

b

/. is the characteristic value of the cylinder compressive strength of concrete at 28 days,
are thickness and width,
respectively, of the concrete/composite slab that contributes to the joint behaviour. The

width 4 is defined in Demonceau (2008) by (Eq. 5.8):

eff,conn

and p is the partial factor for concrete; and &
c ? 'Zconc

eff,conn

bettconn=be+0.7h b (Eq. 5.8)

eff,conn

Where &, is the width of the column cross-section, /. is the height of the column cross-
section, and b is the effective width of the concrete/composite slab in the vicinity of the
joint. This formula was initially developed for composite single-sided joints under seismic
conditions, based on a strut and tie model (Doneux, 2002). Demonceau (2008) showed that

under accidental conditions, good results are obtained for both single and double sided
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joints when considering the concrete width b onn defined by (Eq. 5.8). The height Zone
can be defined using the Richard Liew ¢ a/. (2004) expression (Eq. 5.9).

_ Zi, for F<0 FRd,i <b (Eq. 59)

- —/concrete
ﬁonc beff,conn fcd

Where Frg; is the design resistance load of the component 7 activated in tension, and
Beonerete 15 the total height of the concrete slab (or the height of the concrete above the ribs
in case of a composite slab). To define the bending moment resistance, the centre of

compression is considered at the middle of the concrete height g .

5.2.3.2 M-N curve

The same method than for steel joints is considered to define the (M, N) curves of the
joint at failure, using (Eq. 5.1). Figure 5.3 presents the composite joint studied in the
current thesis, with the identification of the rows. The thickness of the composite slab Ronc
to be considered in the calculation is limited to the part of the concrete above the
transversal ribs. This concrete thickness is separated in two parts by the steel
reinforcement: row la above the steel reinforcement and row 1b below. This separation is
considered to simplify the application of the method and the drawing of the M-N cutrve,
but the concrete component is always considered like one single component for the
calculation of its properties. The reference axis is chosen at the centroid of the steel beam,

as considered for the experimental tests (see chapter 3).

HEB 300
- Row 1a (C I Row 1a(C)
:JV***‘*‘*‘"""*””‘*’*‘*‘*’J(ﬁf)\;;]*g%8}1{"“7 2(D) = —Row-2 Row 15 © —
777777777777 L |-~ Row 3 (C) ‘ Row3-({])— —
77777 -1 --— Row 4 (T) ! Row 4 (T)
77777 Ot -F-=Row 5 (T) } Row 5 (T)
tReference | | || R o
axis
77777 OOt Row 6 (T) : 1PE 550" 0 (D)
77777 <1 --— Row 7 (T) ! Row 7 (T)
777777777777 r—-—— Row 8 (C) ‘ Row 8 (C) {

Figure 5.3: Composite steel-concrete joint CFJ] and rows in tension (T) and in compression (C)

The resistances of the components under M Tare shown in Table 5.8 (components
resistances under hogging bending moment can be found in Appendix E.2); lines in grey
correspond to the group resistances. Based on the assumption that equal bending moments
are applied on each side of the double sided joint, no shear forces are considered in the
column web, so no interactions of stresses should be considered. The final resistances of

the rows, considering the group resistances, are given in Table 5.9.
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M-N behaviour of the joint

Table 5.8: Components and group resistances (kN) under M *(bottom row in tension)

by Compression Tension
Row (mm) | CSC CWC BFC| CFB EPB CWT BWT BT RT
1 C 370 | 1331 1430
2 T 371 565
3 C 266 1406 2723
47 T 3107 1734 (FM*1) 4283 4378 4218
46 T 2454 1476 (FM1) 3777 3728 3163
45 T 1552 861 (FM1) 2135 2174 2109
4 T 210 899 651 (FM2) 1629 1695 1054
57 T 2454 1476 (FM1) 3777 3728 3163
56 T 1802 1219 (FM1) 3272 3078 2109
5 T 130 899 603 (FM1) 1629 1524 1054
67 T 1552 861 (FM1) 2135 2174 2109
6 T -130 899 603 (FM1) 1629 1524 1054
7 T -210 899 651 (FM2) 1629 1695 1054
8§ C -266 1406 2723

* FM: Failure mode of the T-stub (1, 2 or 3)

Table 5.9: Final resistances of each row considering the group effects

Row h; Under M~ Under M * Weakest
(mm) Fry (kN) Fy (KN) components
1 370 1331 1331 CSC
2 37 -565 -565 RT
3 266 1406 1406 CWC
-Min (651; 861-603; 1476-603-
4200 651 2105 1734-603-210-651) = -257 EPB
. _ _ -Min (603; 1219-210; 1476-210-
5 130 -Min (603; 861-651) = -210 651) = -603 EPB
-Min (603; 1219-210; 1476-210-651) . ' _
6 130 — 603 -Min (603; 861-651) = -210 EPB
-Min (651; 861-603; 1476-603-210;
/ -210 1734-603-210-651) = -257 -651 EPB
8 266 1406 1406 CWC

The lever arm 4, of the composite slab in compression component (row 1) is equal to

the distance between the reference axis and half of the thickness g . Both values, 4, and

% ones VALY when the neutral axis is located in the concrete component (see Figure 5.4), and
they should be determined for each point of the M-N curve. Table 5.10 presents the

calculation of the concrete resistance for variable thickness Rone” Under M ¥, when the

neutral axis is going up, the thickness 1 reduces and the lever arm /; increases.

Table E.7, in Appendix E.2, presents the results under M.
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Figure 5.4: Variation of the thickness Reonc of the CSC component when the joint is subject to

(@) M* and (b) M~

Table 5.10: Sagging bending moment - resistance of row 1 Frqy varying with the thickness 5 of

the concrete slab in compression

M Reonca Reonch  Reone LRACsC  Tracwe Frap =

(mm) (mm) (mm) (mm) (kN) (kN) min (Frqcsc; Fracwe)

370 34 37 71 1331 1430 1331
Roj’;?nand 374 34 2775 6175 1158 1403 1158
compression 379 3% 185 525 984 1376 984

383 34 925 4325 811 1348 811

388 34 0 34 637 1319 637
Row lain 392 255 0 255 478 1292 478
compression 397 17 0 17 319 1265 319

401 85 0 85 159 1238 159

Finally, the M-N curve can easily be drawn step-by step (Figure 5.5). The load
distribution at each point of the entire M-N curve is also represented. Table 5.11 presents

the load distribution in the connection for all the points of the M-N curve under M *. the

same table is detailed in Appendix E.2 under M.
As the joint configuration is not symmetrical in relation to the chosen reference axis

(because of the composite slab on the top), the M-N behaviour under M* and M~ is
different. Minimum tensile load and maximum compression load are reached for a bending
moment not equal to 0, because the centres of tension and compression of the joint do not
correspond to the reference point (see the load distribution in Figure 5.5). Under minimum
tensile load, two different values of bending moments are obtained (points j and j’) due to

the group effects in bolt rows.

It is important to note that the analytical procedure provides a theoretical M-N curve of
the joint behaviour, with the assumption that the components behaviour is ductile and
allows for a plastic distribution. Demonceau (2008) observed through experimental tests on
beam to column joints, that a lack of ductility of the concrete component (crushing in

compression) can lead to a loss of resistance. However, criterion to define the ductility of
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the concrete component in compression is not yet available, and it is assumed that this

component is of high ductility.

(SN ]

.6
Tension

Compression

-3000

—Sagging

4000

-+Hogging

5000

Figure 5.5: M-N curve of the composite steel-concrete joint CF]J

Table 5.11: Distribution of internal loads in the joint along the M-N curve under M +

R j(mm)  FuGN) o« b ¢ d e f e T S
1 F 1331 1331 1331 1331 1331 1331 1331 1158 637 637 478 0
y: 370 370 370 370 370 370 370 374 388 388 392 405
2 371 565 0 0 0 0 0 0 0 0 0 -565 -565 -565
3 266 1406 1406 1406 1406 1406 1406 1406 0 0 0 0 0 0
4 210 257 0 0 0 0 0 -257 -257 -257 -257  -257 257  -257
5 130 603 0 0 0 0 -603 -603 -603 -603 -603  -603 -603 -603
6 -130 210 0 0 0 -210 -210 -210 -210 -210 -210  -210  -210 -210
7 -210 651 0 0 -651 -651 -651 -651 -651 -651 -651  -651 -651 -651
8 -266 1406 1406 0 0 0 0 0 0 0 0 0 0 0
M (kNm) 492 866 1003 1030 952 898 523 465 279 69 9 -178
N (kN) 4144 2737 2086 1877 1273 1016 -390 -564 1(_)8 -1649 12_30 -2287
4 9
¢ (mm) 119 317 481 549 748 884 -1341 -824 -257 -42 -5 78
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5.2.4 M-N behaviour of steel and composite steel-concrete joints

subject to elevated temperatures

To predict the M-N behaviour of a joint subject to elevated temperatures, the same
procedure can be applied provided the temperature distribution in the joint is known. Each
component resistance is then evaluated based on the material resistance at its given
temperature; this model was validated by comparison to the ROBUSTFIRE experimental
results (using the temperature distributions measured during the tests) (Demonceau ef al.,
2013). Two additional applications are developed in the following section (5.3) for steel and

composite steel-concrete joints subject to elevated temperatures.

5.3 Demonstration of the applicability of the analytical
procedure for steel and composite steel-concrete joints

subject to elevated temperatures

5.3.1 Introduction

The last developments implemented in the analytical procedure, to consider the effect
of elevated temperatures, were validated in Demonceau e a/ (2013), against the
experimental results presented in chapter 3 of this thesis. To be able to rely undoubtedly on
the analytical results, and to use the analytical procedure in a wider study of the joint
subject to fire, two additional demonstrations of its applicability are presented: i) against
available experimental and FEM results of the steel flush end-plate joint FJO3 (see Figure
5.1 in section 5.2.2.2), subject to fire, bending-moment and axial loads (Santiago, 2008), and
1i) against FEM results of the composite steel-concrete flush end-plate joint CFJ subject to
700°C (test 3), presented in chapter 4.

The analytical M-N curves presented in this chapter consider: 1) measured properties of
the material, ii) ultimate resistance of the components /, (to predict the real behaviour of
the joint as in the experimental tests and the FE models), iii) safety factors equal to 1.0, and

iv) reference axis located at mid-height of the steel beam cross-section.

5.3.2 Steel flush end-plate joint FJ03

The steel joint FJ03 is remembered in Figure 5.6a, and its analytical M-N behaviour at
ambient temperature is detailed in section 5.2.2.2. The behaviour of the connection was
studied during both heating and cooling phases in Santiago (2008); a FE model was
developed and calibrated against the experimental results and good agreement was
achieved. In this section, the analytical results are compared to the FEM results (Santiago,
2008). Joint temperatures measured during the experimental tests and applied in the FE

model are shown in Figure 5.6b.
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Figure 5.6: a) Geometry of the flush end-plate joint (Santiago, 2008); b) Joint FJ03 temperatures
versus time

Joint axial load and bending moment versus time predicted by the FEM results are shown
in Figure 5.7. During the beginning of heating phase, compression axial loads and bending
moment increase; when the bottom flange reaches about 500°C, its resistance starts to
decrease and the hogging moment and axial loads also decrease. Local buckling of the
beam bottom flange (BBF) is observed when 750°C is reached, at about 50 min. (red points
in the charts). During the cooling phase, due to the large tensile forces and sagging bending
moment (M), the tensile strains increase, and the bolt failure is observed in the bottom
row (167 min.), which matches the experimental evidence (bolt failure at 190 min.)
(Santiago, 2008). The measured material properties obtained from tensile tests at ambient

and elevated temperatures are detailed in Santiago (2008).

For the analytical calculation, interactions between components in the column web,
CWC and CWS, are considered (see section 5.2.2.3). Three M-N curves are derived: 1) at
ambient temperature (reference curve), ii) at the end of the heating phase, when the local
buckling of BBF is observed in the FE model (50 min.), and iii) at the end of the cooling
phase, when the failure in the bottom bolt row is predicted by the FE model (167 min.).
Table 5.12 presents the resistances of each row Fgy and Fgy, under hogging and sagging
bending moments respectively, and for the three M-N curves. These values are calculated
based on the component method with reduced material properties due to elevated
temperatures. In Figure 5.8 are drawn the analytical M-N curves, with the load distribution
evolution at elevated temperatures (50 min.).
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Figure 5.7: FEM results from (Santiago, 2008): a) axial load and b) bending moment, versus time

Table 5.12: Resistance of each row considering the group effects and stresses interactions (weakest

component of each row)

b +=0 (20°C) #= 50 min. =167 min.
Row (mm)| Fgy (kN)  Fgy (kN) Frg (kN) Fry (kN) Frg (kN) Fry (kN)

1 145 | 605 (CWC) 605 (CWC)| 229 BFC) 229 BFC) | 585 (CWC) 585 (CWC)
2 90 | 297 (EPB) -279 (EPB) -138 BWT) -112(BWT) -286 (EPB) -268 (EPB)
3 .90 | 279 (EPB) -297 (EPB) | -112 BWT) -138 BWT) -268 (EPB) -286 (EPB)
4 145 | 605 (CWC) 605 (CWC) | 99 BFC) 99 BFC) | 585 (CWC) 585 (CWC)

The load distributions under pure bending moments at elevated temperatures (50 min.)
are depicted in Table 5.13. Under pure M * the load in row 2 is lower than its ultimate
resistance FR+d,2, and it corresponds to the row £ defined by Cerfontaine (2004) (see section
5.2.2.2). The total resistance of rows 2 and 3 in tension (BWT) is not achieved when row 1
(BFC) reaches its ultimate resistance. The increase of tensile loads is limited by the
component in compression, thus the component associated to the joint failure is BFC;
UFM along the entire M-N curve are depicted in Figure 5.8 (they are also defined
according to the Cefontaine’s method presented in Appendix E.1).

Under M7, it is also observed in Figure 5.8 that a small axial compression load has a
beneficial effect on the resistance, in comparison to pure sagging bending moment, because
the neutral axis moves down. So when maximum sagging bending moment is reached, all
the tensile loads are concentrated in row 3, far from row 1 in compression (row 2 is not
anymore loaded). For axial compression loads higher than this maximum (IN = 92 kN),
tensile load in row 3 is reduced (row £); BFC component is the last component to reach its
resistance, and defines the UFM of the joint. Any additional increase of axial compression

load leads to a decrease of sagging bending moment resistance.
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Figure 5.8: M-N curves of the steel flush end-plate joint FJ03 and load distribution evolution under
elevated temperatures (50 min.)

Table 5.13: Load distribution and ultimate failure modes under pure bending moment (elevated

temperatures — 50 min.)

Under M~ Under M *

Fiy (kN) Fry (kN)

1 N +

1
Load TR R
distribution 3

! 4 «—Frya 3 — Fry3

UFM BEC (bottom) BEC (top)

It can be observed that at ambient temperature and at the end of the cooling phase (iii -

167 min.), both M-N curves have symmetrical behaviour under M ™ and M. The analytical
UFM of the joint varies between EPB (mode 2), when the joint is mainly subject to tensile
loads or small compression loads, and CWC when the joint is subject to higher

compression loads.

At elevated temperatures (ii — 50 min.), due to the gradient of temperature in the beam

cross-section (higher temperatures in BBF), both beam flanges do not have the same

resistance (see Table 5.12), and the behaviour of the joint under M ¥ and M~ is changed
(the M-N curve is not symmetrical anymore and the maximum compressive resistance is

reached under positive bending moment).

FEM results at 50 min. and 167 min. are also shown in Figure 5.8 (by two points). At 50
min., the joint is subject to tensile axial loads and hogging bending moment, and both
analytical and FEM results predict the failure of BBF in compression. The FEM result is
inside the M-N curve and the connection is considered safe by the analytical predictions.
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At 167 min., the analytical model predicts lower resistance of the joint than observed in the
FE model. This is explained by the difference between failure criteria considered for FEM
and analytical procedures; failure criteria is defined in term of: i) stresses f, (EPB or bolt) in

the analytical procedure, and ii) strains to fracture of bolts for the FEM.

5.3.3 Composite steel-concrete flush end-plate joint

In this section, the numerical results of test 3 (700°C, K, = 0 kN/mm) are used to
demonstrate the applicability of the analytical procedure to predict the M-N behaviour of
the composite joint CFJ at elevated temperatures. The joint CFJ is presented in Figure 5.3
(section 5.2.3), as well as the details used for its analytical M-N curve at ambient
temperature. Figure 5.9 shows the temperature gradient used at the end of the FE model
(see Appendix D 3.4) and considered in the analytical calculation. Table 5.14 describes the

components considered in each row and their corresponding temperatures, and Table 5.15

presents the resistances of each row Fg, and Fgy, under hogging and sagging bending

moments, respectively.

W 20 -100

{100 - 200
| 200 - 300
0300 - 400
0400 - 500
0500 - 600
W 600 - 700
H 700 - 800

Figure 5.9: Temperature variation in the composite joint (test 3)

Table 5.14: Components considered in each row (temperature at the end of the FE model)
Row 1 (C) CSC (6 =198°C) CWC (6 =241°C)
Row 2 (T) RT (0 = 20°C)
Row 3 (C) BFC (6 =251°C) CWC (6 = 542°C)
Row 4 (T) EPB (6 = 377°C) BT (6 = 337°C)
Row 5 (T)  EPB (6 = 529°C) BT (6 = 453°C) CFB BWT CWT
Row 6 (T) EPB (0=594°C) BT (0 =614°C) (0 =476°C) (0=594°C) (0 =542°C)
Row 7 (T)  EPB (6 = 612°C) BT (0 = 626°C)
Row 8 (C) BFC (6 =727°C) CWC (6 = 542°C)

The M-N curve is drawn in Figure 5.10. Good agreement is observed between FEM
and analytical results under pure sagging bending moment (difference of 8%). At this point,
the analytical UFM corresponds to EPB (the load distribution and the failure mode under
pure bending moment are depicted in Table 5.16). As explained in the steel joint example,
failure is considered later in the FE model, when the bolt reaches strains to fracture. This
point provides increased values of (M,N), because no descending branch in the material
properties, or fracture definition are specified in the FE model. The experimental result is
also shown in Figure 5.10 (red point), with a slightly higher bending moment value (see

details of the comparison between FEM and experimental results in chapter 4).
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Table 5.15: Final resistance of each row considering the group effects for CF]J at elevated

temperatures (test 3)

Row by Under M~ Under M * Weakest
(mm) Fra (kN) Fry (kN) components
1 370 1273 1273 (CWC)
2 371 -565 -565 RT)
3 266 865 865 (CWC)
4 210 -508 -250 (EPB)
5 130 -67 -325 (EPB)
6 -130 -198 -124 (EPB)
7 210 -112 -186 (EPB)
8 -266 707 707 (BFC)
/zg goo | d
=2
= 600 -
a
400
o

Tension Compression

I

3500

-1500 500 1500 2500
j d'
’ x Test 3 - FEM
—Test 3 - Anal.
Hogeing e Test 3 - Exp.

Figure 5.10: M-N curve at elevated temperatures (test 3)

Table 5.16: Load distribution and ultimate failure modes under pure bending moment (CFJ — test 3)

Under M~ Under M+
Fiy (kN) Fig (kN)
24— [
3 3
Load D >
distribution .
6w —>
i [{ e
UFM BFC EPB

Note that some differences are observed between the analytical M-N curves developed
within the ROBUSTFIRE project (Demonceau e/ a/., 2013) and the updated version of the
curves presented in this chapter; these differences are due to i) the update of material
resistances with available coupon tests and ii) the consideration of components’

temperatures as in the FE models.
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5.3.4 Final comments

The analytical procedure to predict the M-N interaction resistance of joints has been
remembered in section 5.2. The procedure was developed for steel and composite steel-
concrete joints at ambient or elevated temperatures (Cerfontaine, 2004; Demonceau, 2008;
Demonceau ef al., 2013). The applicability of the procedure for steel and composite steel-
concrete joints subject to elevated temperatures is demonstrated in this section 5.3, and it
allows predicting the behaviour of any heated joint under sagging and hogging bending
moments combined to tensile or compressive loads. In the next section (5.4), the influence
of various parameters that would affect the building robustness by the joint behaviour is
studied based on FEM results. The analytical procedure is also employed to complement
the study and provide additional results.

5.4 Assessment of the influence of robustness parameters on
the M-N joint behaviour

5.4.1 Introduction

This section presents a study of the joint robustness. The objective is to provide
additional information on the joint behaviour at failure when it is subject to sagging
bending moments, axial loads and elevated temperatures after the loss of a column due to a
localised fire. Based on the results, it is expected to enlarge knowledge of the effects of
some parameters that influence the robustness of tall open car park buildings. Four
parameters are selected: i) temperatures in the joint, if) beam axial restraint stiffness K, iii)
joint size, and iv) beam span length. In addition, the influence of the safety considered
during the joint design (design safety factors and material properties) is also evaluated. The
study cases are listed in Table 5.17. Three joints configurations are used in the study: the
composite flush end-plate joint (CF]), the same joint but without the concrete (steel flush
end-plate joint - SF]), and the smaller steel flush end-plate joint (FJ03) described in sections
5.2.2 and 5.3.2. FEM and analytical results are used to perform the study.

Table 5.17: Overview of the parameters considered in the study

Parameter Study cases Type of results
i) CFJ (20°C, 500°C, 700°C and 800°C), ii) FJ03 (from i
Temperatures 20°C 1o 838°C) Analyt.
. . CFJ under various tensile and compression axial loads - i)
Axial restraints at 20°C, i) at 700°C FEM, Analyt.
thOll’i‘]l Sl}zle ‘;ga i) IPE. 550 (SF)), ii) IPE 300 (FJ03), iii) variation from Ansalve
stee’ Hush © (Santiago, 2008): FJ01 and FJ02 ayt
plate joint
Beam span length i) 3 meters beam (20°C), ii) 10 meters beam (20°C) FEM
Safety design 1) Measured material properties (20°C and 700°C) - no Analyt.

safety factors, ii) design resistances - with safety factors
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5.4.2 Influence of the temperature variation in the joint

The influence of the temperature in the joint is studied based on analytical results. Both
composite (CFJ) and steel (FJ03) flush end-plate joints are considered. The variation of
temperatures in FJO3 has been shown previously in Figure 5.6 (section 5.3.2). The
temperature distribution for CFJ is presented in Figure 5.11, and corresponds to BBF
temperatures equal to: a) 500°C (test 2), b) 700°C (test 3), and ¢) 800°C (where temperature
distribution in the joint is obtained by a linear interpolation of test 3 temperatures). The
component BBF is in direct contact with the fire under the beam, so it is the component

the most heated in a fire, and temperatures in the other components are usually lower.

W 20 -100
[@100-200 | ‘
| 200 - 300
1300 - 400
7400 - 500
1500 - 600
| 600 - 700
I 700 - 800

a) )
Figure 5.11: Temperature distribution in the composite joint: a) 500°C, b) 700°C, and c) 800°C in
the beam bottom flange

The M-N interactions resistances of joints FJ03 and CFJ are depicted in Figure 5.12a

and b respectively; BBF temperature is given as a reference.

For the steel joint FJ03 (Figure 5.12a), the increase of temperature affects the shape of
the M-N curve: at ambient temperature, the M-N behaviour is symmetrical under sagging

M +) and hogging (M ) bending moments. When temperature increases and reaches
647°C in BBF (at 25 min. of fire), the M-N behaviour under M~ and M ™ is not anymore
symmetrical: the resistance under M~ reduces faster than under M™ because the

component BBF in compression, only activated under M, suffers the greater loss of

resistance.

For the composite joint CFJ (Figure 5.12b), the shape of the M-N curve remains similar
with the increase of temperatures. Under 500°C in the BBF (Figure 5.11a), temperatures of
most of the other components remain lower than 400°C (no resistance reduction), and the
decrease of M-N resistances from 20 to 500°C is mainly due to the strain hardening, that is
considered under 20°C, then unconsidered from 100°C (see material properties in chapter

4). At each point of the curve, the load distribution is shown in Figure 5.5.
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Figure 5.12: M-N curves for variable temperatures in the joint of: a) the steel flush end-plate joint
FJ03, and b) the composite joint CFJ

The reduction of the global M-N resistance with the increase of temperature is obvious

for both joints, FJ03 and CFJ. At maximum temperature:

1. The minimum hogging bending moment decreases by 80% and 53% (points ¢’
and g), respectively; this decrease of resistance is lower for CF] because of the
reinforcement in tension which is not significantly affected by the fire and keeps
its ambient temperature resistance;

ii. The maximum sagging bending moment decreases by 66% and 35% for FJ03
and CFJ, respectively, which is lower than under hogging bending moment; this
is due to the components in comptession less heated under M (beam top
flange BTF for FJ03, and BTF and CSC for CF]J). So joints do not lose so much
resistance than under M~ (where BBF is in compression);

iii. The maximum axial resistance in compression (point ) decreases by 73% and
48% for FJ03 and CFJ, respectively;

iv. The minimum axial resistance in tension (points ¢ and ¢) decreases by 60% and
48% for FJ03 and CFJ, respectively.

These comparisons show that the composite slab is an advantage to limit the decrease

of resistance when temperatures increase.

Under pure bending moment, it is easy to predict the UFM, comparing the tensile and
compressive resistances of the activated rows. Table 5.18 and Table 5.19 present the
evolution of the load distribution as the temperature increases in the connections CFJ and
FJ03 respectively (subject to pure M~ and M ). Under pure M ™, the failures of the joints
at ambient temperature are defined by EPB and CWC, for FJ03 and CF]J, respectively.
When temperatures increase, the resistance of BBF decreases faster than the resistance of
other components, and the component BBF in compression becomes the UFM, for both
FJ03 and CFJ. Finally, at 800°C in CFJ, UFM changes to reinforcement in tension (RT)
because it is the only component in tension, due to the movement of the neutral axis: its
position goes up with temperatures increase, because the bottom rows in compression lose

resistance much faster than the top rows in tension. Under pure M * at ambient
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temperature, the UFM is EPB for both joints, but it changes to the compression zone as
the temperatures increase: BFC and CSC, for FJ03 and CF]J, respectively.

Table 5.18: Load distribution in the composite joint CF] under pure bending moment

20°C 500°C 700°C 800°C
24— 24— 24— 24—
Under 1% — i — ek ek
nder g — i S5m—> k 5 5
pure
M-
6 6
8= +— 8§ —+— g — 8= +—
UFM CWC CWC BFC RT
24 le—— 24 le—— 24 le— k 24 0%
3=e— k 3=e—k 3 3
Under 1 dr— in— i —
Sm—> 5@ —> Sm—> S —b
pure
M+
6m —» 6m —> 6m —> 6m —>
Tm —> Ta— Ta— 7m —>
8 8
UFM EPB EPB EPB CSC

Table 5.19: Load distribution in the steel joint FJ03 under pure bending moment

20°C 522°C 647°C 734°C 838°C
j 1 1 - 1
Under 2= — 2% —> 2% —» % — Kk % —
pure
M~ ¥k Tk Tk P 3
UFM  EPB EPB BFC BFC BFC
i i 1 - 1
Under 2-:k F Sk 2 ‘_Tk 2':k 2 :k
pure
Mt 3 —> 3 —> 3 —> 3 —> 3 —>
4 4 4 4 4
UFM EPB EPB EPB BFC BFC

5.4.3 Influence of the beam axial restraints

5.4.3.1 Introduction

Once the column fails the joint bending moment changes from hogging to sagging
bending moment, and axial loads increase. These axial loads influence the joint bending
moment resistance as well as the rotation capacity. In this section, the effect of varying
combined sagging bending moment and axial loads on the behaviour of the composite

joint after the column loss is studied, at ambient and elevated temperatures:

1. The effect of the restraint is studied by varying the degrees of axial stiffness K, in
the two FE models of tests 1 and 6 presented in chapter 4. F-displacement, M-
rotation and M-N curves of each FE model are presented.
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i.  Based on the results obtained from FEM and analytical procedures, the whole M-N

curves of the joint subject to ambient and elevated temperatures are drawn.

In the FE models, ductile failure of some components such as EPB or BWT happens
after large deformations and it is difficult to capture it numerically. The failure criteria

defined for the FE models correspond to the bolt failure in tension.

5.4.3.2 Behaviour of the composite joint under varying bending moments and
axial loads

In both FE models at ambient and elevated temperatures (tests 1 and 6), various values
of axial spring stiffness’s are considered, varying from K, = 0 kN/mm (no axial restraint)
to K, = 157 kN/mm, which cortesponds to a realistic value calculated in the car park
building subject to the loss of a column in the 4® floor (see Appendix B.1). Figure 5.13 and
Figure 5.14 depict the bending moment zersus joint rotation, and the bending moment versus
beam axial load, respectively, at ambient (a) and elevated (b) temperatures. All the curves

are stopped when the bottom bolt row reaches the fracture strains (defined in chapter 4).
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Figure 5.13: Bending moment - joint rotation a) at ambient and b) at elevated temperatures

At ambient temperature, the effect of the beam axial restraint can be observed in the
sagging bending moment range, after the column loss: the beam end moves in the outward
direction (geometrical effect due to the low slenderness of the composite beam — see
chapter 3) and axial compression loads continue to increase until bolt failure. In order to
observe if stiffer restraints would prevent outwards displacement of the beam end and
create catenary action before bolt failure, FE models with stiffer axial restraints
(K, = 300 kN/mm and K, = 800 kN/mm) are considered. However, it is shown that these
stiffer axial restraints only increase the joint resistance; tensile loads are still not reached
before bolt failure (Figure 5.14a). At elevated temperatures, axial compression loads
develop earlier, during the increase of temperatures (due to the restrained thermal
expansion); these compression loads continue to increase in the sagging bending moment

rangec.
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Figure 5.14: Bending moment — axial load a) at ambient and b) at elevated temperatures

It can be observed from Figure 5.13 that the sagging bending moment joint behaviour is
affected by the beam axial restraint; higher the axial restraint stiffness K,, higher the
compression axial loads at the beam end, and higher the maximum bending moment. From
K, = 0 to 157 kN/mm, the bending resistance increases by 34 % and 218 % at ambient and
elevated temperatures, respectively. In all the simulations, concrete crushing against the
column flange is observed on the top of the composite slab, followed by the bottom bolt
row failure under tension. The joint rotation capacity is slightly increased under higher axial
compression loads, by 13% and 23% at ambient and elevated temperatures, respectively.

However, the brittle failure of the bolt happens before the development of tensile loads.

From Figure 5.14, it is observed that no catenary actions are developed in the frame.
When the restraint stiffness increases, axial compression loads increase, and the bolt failure
happens later: i) from 0 to 157 kN/mm, it happens during the compression load increase;
ii) for 800 kN/mm (ambient temperature), the bolt failure happens after reaching the
maximum value of the compression axial load, during the decay phase. Figure 5.15 presents
the total load applied at the column versus the vertical displacement of the joint; the

maximum load increases with the axial restraint stiffness K,.

Finally, from these results, it is observed a beneficial effect of a stiff restraint under
sagging bending moment and axial compression loads: the resistance of the composite joint
increases with K,. For the studied sub-frame characteristics (low slenderness of the
composite beam), failure of the bolts in the bottom bolt row is observed for small vertical
displacements during the development of compression forces. High slenderness of the
composite beam is needed to reach catenary action before the bolt failure; the effect of the

beam span on the bending moment versus axial load behaviour is studied in section 5.4.5.
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Figure 5.15: Applied load - vertical displacement a) at ambient and b) at elevated temperatures

5.4.3.3 M-N curves

In order to draw the M-N curve of the joint, additional FE simulations are performed at
ambient and elevated temperatures. Each FE simulation provides one point of the M-N
curve; this point corresponds to the failure of the joint considered as: bolt failure in tension

(BT) or column web buckling in compression (CWC).

In the previous results, failure of the bolts in the bottom bolt row was observed for
small vertical displacements during the development of axial compression forces, even with
high spring stiffness’s. Therefore, the utilisation of the spring element at the end of the
beam, in the FE model, limits the available results, because tensile loads will never develop
before bolt failure (due to the low slenderness of the beam). In order to draw the M-N
curve on the tensile side, the FE results, presented in this section, are obtained replacing
the axial restraint by a concentred axial force at the beam end. In this way, the joint sagging
bending moment resistance can be evaluated under axial tensile loads or very high
compression loads. At ambient temperature, the axial concentred load is applied after the
column loss and is kept constant during the increase of sagging bending moment; loads
varying from N =-1500 kN to NN = 2500 kN are considered. At elevated temperatures,
during the heating phase, in order to simulate the restrained thermal expansion, a 1% axial
concentred compression load (IN = 100 kN) is applied for all the FE models. Then, for the
following loading phase (column loss), its value is changed to simulate the tensile or
compressive beam axial loads (from N = -500 kN to N = 1900 kN). N is kept constant
during the increase of sagging bending moment. Note that the axial resistance of the beam

is much higher than the applied axial loads (axial resistance of the steel beam is
Niy = 4417 kN).

At ambient temperature

The partial M-N curve drawn by the FE results (Figure 5.16) provides the required
(M, N) points to compare with the analytical M-N curve. A very good cortelation is shown
between numerical and analytical M-N curves of the composite joint; under pure M, the
difference between analytical and FEM predictions is 16%. In the FE models, the joint
UFM corresponds to: i) BT, for axial loads from N =-1500 kN to N = +1524 kN;
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and ii) CWC, for axial loads higher than N = +1524 kN. The ductile failure CWC is
defined as the end of the FE model, when it becomes numerically instable. In the analytical
model, the resistance of the composite joint under pure M* is governed by EPB. The
experimental result is indicated by the maximum bending moment measured before the 1%
bolt failure (710 kNm); differences of 4% and 12% with FEM and analytical models are

reached.
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Figure 5.16: M-N curves at ambient temperature (test 1)

The deformation of the joint and the out of plane displacement at each four points 4,
B, C, D of the FEM M-N curve is depicted in Figure 5.17; detailed values of deformations
and resistances of the joint are provided in Table 5.20. Figure 5.17 also illustrates the load
distribution between the components: CSC, RT, BT, and BFC. FEM and analytical
procedures provide similar load distributions (see the load distributions obtained from
analytical results in Table 5.21). Under tensile axial load (point A), the neutral axis is
located in the concrete slab and only a small part of the concrete is under compression
(Figure 5.17); in point B (pure bending), the neutral axis is located between the top bolt
row and the beam top flange; after, the neutral axis drops above the second bolt row under
compression axial load (point C). It can be observed that the joint reaches higher vertical
displacements before bolt failure with lower position of the neutral axis (point C); the
ductility of the joint is increased. Under higher axial compression load (point D), only the
bottom bolt row is under tension, and the column web instability is observed with high
deformation out of the plane; this ultimate failure mode limits the vertical displacement and

deformation capacity of the joint.
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Figure 5.17: FEM results - Deformation of the joint and out of plane displacement U1 at bolt
failure at ambient temperature (scale 2)

Table 5.20: Detailed values of deformations and resistances of the joint (FEM results)

A B C D
N (kN) 1500 0 1528 2500
UFM BT BT BT CWC
M (kNm) 278 744 1130 968
F (kN) 312 528 601 594
3, (mm) 103 131 174 50
®,, (mrad) 36 44 61 14

Table 5.21: Load distribution in the composite joint CF] under pure bending moment from

analytical results

A B C D
24 45— 24 le—— 24 le—— 2d le—
3 3= 3 = — 3 —
e — Ju — 3 3
n Sm —> 5m —> 5m —> 5
Under pure M
Al e [ e
UFM CSC EPB CSC or CWC CSC or CWC

At elevated temperatures

The numerical and analytical M-N curves of the composite joint at elevated
temperatures are compared in Figure 5.18; a good correlation is shown. The experimental
result of test 6 is also represented (M = 336 kNm) in the FEM curve. In the FE models,
the joint ultimate failure modes correspond to: i) bottom BT, for axial loads from
N =-500 kN to N = +1499 kN; and ii) CWC, for axial loads higher than N = +1499 kN.

In the analytical model, under pure M ¥, the UFM corresponds to BWT.
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Figure 5.18: M-N curves at elevated temperatures (test 6 — 700°C)

FEM results provide higher resistance than the analytical ones, with 42 % of difference

under pure M*. This difference could be explained by an underestimated theoretical
resistance of BWT of the first bolt row above the beam bottom flange in tension. (Eq.
5.10) shows the BWT resistance defined in EN 1993-1-8 (2005).

Fowbra=bettembhub g g/ aio (Eq. 5.10)

Whete befr, 1, corresponds to the effective length of the equivalent T-stub representing

the end-plate in bending, %, is the beam web thickness, fywb the steel properties (here f)),

and p, . is the partial safety factor equal to 1. The effective length of the equivalent T-stub
considers that the bottom bolt row is located near the beam bottom flange; this distance is
higher than for the inner bolt row, so, an additional resistance of the beam web is already
considered. However, the FE model of test 6 shows that the beam flange is under tensile
load (combined to bending - see Figure 5.19), so that the beam flange may help the web to
resist to the tensile loads in a more significant way than considered in the component
method. In the analytical model, if this ultimate failure mode (UFM) is neglected based on
the assumption that the resistance of the component BWT is much increased by the
resistance of the component BFT, the UFM become the end-plate in bending EPB; the
new M-N curve is represented by the dashed line in Figure 5.18 (Test 6-Anal.-v2). Under
pure M * the difference between analytical and FEM results is now reduced to 9%. The

theoretical resistance of the component BWT should be studied in detail in a future work.
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Figure 5.19: Deformation of the beam (near the joint) at failure and at elevated temperatures (test

0): a) stresses of von Mises, b) stresses in the longitudinal direction S33

The deformation of the joint and the out of plane displacement at each four points 4,
B, C, D of the FEM M-N curve are depicted in Figure 5.20; detailed values of deformations
and resistances of the joint are provided in Table 5.22. The UFM are similar to those
observed at ambient temperature; the vertical displacement and deformation capacity of the

joint are limited when the column web instability is observed (point D).

U, Ul
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Figure 5.20: FEM results: deformation of the joint, vertical displacement and out of plane
displacement U1 at bolt failure (scale 2), at elevated temperatures (test 6 - 700°C in BBF)

Table 5.22: Detailed values of deformations and resistances of the joint (FEM results)

A B C D
N (kN) -500 0 1499 1930
UFM BT BT BT CWC
M (KNm) 22 224 711 620
F (kN) 64 156 279 410
5, (mm) 122 140 193 15
®,, (mrad) 40 45 55 3

5.4.4 Influence of the global size of a steel flush end-plate joint

The influence of the global size of a steel flush end-plate joint on the M-N behaviour is
studied in this section. Two steel joints are considered:

i FJ03, the flush end-plate joint presented in section 5.3.2: IPE300 steel beam cross-
section connected by two bolt rows to HEA300 steel column cross-section (bolts
M20 grade 8.8; steel end-plate 16 mm thick);
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i.  SK], the steel part of the composite flush end-plate joint CF] (the composite slab is

not considered): IPE550 steel beam cross-section connected by four bolt rows to
HEB 300 steel column cross-section (bolts M30 grade 10.9; steel end-plate 15 mm
thick).

Analytical results are presented in Figure 5.21a by the black curves. The increase of the
global M-N resistance with the joint size is obvious. Based on the work described in
Santiago (2008), two additional variations are performed for the flush end-plate joint FJ03:
1) FJO1 - bolts M20 grade 8.8 and end-plate 10 mm thick; and ii) FJO2 - bolts M20 grade
10.9 and end-plate 16 mm thick. The influence of these variations is localised (see Figure
5.21b): i) a reduction of the end-plate thickness (FJ01) leads to lower resistance of EPB so
that joint resistances under maximum/minimum bending moments and pure tensile loads
are reduced by 10% and 49% respectively; ii) an increase of the bolts material properties
(FJO2) leads to higher resistances of EPB and CFB components so that joint resistances
under maximum/minimum bending moments and pute tensile loads atre increased by 4%
and 21% respectively. For both situations, the part of the curve where only components in
compression are activated (points a4, b and &’ — see Figure 5.2), are not affected, as the

variations are only performed on tension components.
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Figure 5.21: M-N curves of: a) steel flush end plate joints FJ01, FJ02, FJ03 and SFJ, b) ultimate
failure modes of joints FJ01, FJ02 and FJ03

Figure 5.21b also shows the UFM (EPB or CWC) defined according to the
Cerfontaine’s method (see Appendix E.1). It seems that modifying the joint characteristics
(end-plate thickness or bolt properties) changes the size of the M-N plastic resistance

surface (translations of segments of the curve), and each segment continues to be defined
by the same UFM.

5.4.5 Influence of the beam span length

Based on FE results, the influence of the beam span on the bending moment to axial
load behaviour is studied at ambient temperature. For the studied sub-frame characteristics
(low slenderness of the composite beam - Figure 5.22a), failure of bolts in the bottom bolt

row is observed for small vertical displacements during the development of compression
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forces. With longer beams spans (higher slenderness), axial tensile loads for smaller vertical
displacements of the joints are anticipated. The real length of the beam as in the car park
building (10 meters) is modelled in the FE model (Figure 5.22b).

b)

Figure 5.22: 3D FE model of the composite steel-concrete frame in Abaqus: a) 3 meters’ beam, b)

10 meters’ beam

The evolution of the bending moment at the joint wersus the joint rotation, and the
bending moment at the joint versus the axial load are depicted in Figure 5.23 a) and b)

respectively; the end point of the curves corresponds to the bottom bolt failure.

1500 1500 e 50 kN/mm
o 10 o — - 157 kN/mm
m
= == 5 10m *—-,
5 1000 - - . e & _ 1000 - . _ .
O.C:) % . S * 3Im S g : o/ /././
g4 s g4 g L Ty
g% 500 Lo ‘ ST s o7 O
= —No restraint = i //
._g & e 50 kN/mm .2 A
S —- 157 kN/mm = & A Axial load (kN)
{Ig —0 T T T T T 1 ‘:8 T 0 ﬁ. T T T T 1
-10 10 20 30 40 50 60 -200 ::"./ 200 400 600 800 1000
Rotation (mrad) i1
500" - -500°
a) b)

Figure 5.23: a) Bending moment - joint rotation; b) Bending moment - axial load at the beam

restraint

Without any axial beam restraint (continuous lines in Figure 5.23a), the joint is subject
to pure bending moment and the moment-rotation curves should not be affected by the
beam’s span; however, Figure 5.23a shows some differences between the two models, with
higher resistance for the 10 meters’ beam. The deformation of the joint and its failure
mode are affected by the degree of shear connection in the composite beam. In the FE
model, the number of shear studs per meter is kept equal for both models, so that 22 shear
studs are modelled in the 3 meters’ beam (partial shear connection), and 98 shear studs are
used in the 10 meters’ beam (full shear connection). Figure 5.24 depicts the joint
deformations under rotation @ = 35 mrad for both models (before the bolt failure). In the
3 meters’ beam, a small part of the slab is under compression, just above the longitudinal
steel reinforcement in tension. The beam top flange is under compression loading, and the
1% rib of the slab is deformed due to the slip between the steel beam and the composite
slab. Two axis of rotation can be defined for the composite joint (Figure 5.24a). In the 10

meter’s beam model, the beam top flange is not under compression, and the rib of the slab
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is not deformed (no slip); one single axis of rotation is drawn (Figure 5.24b). Due to the
modified points of rotation, the bolt failure happens for different loadings (see Figure
5.23a): with full shear connection (10 meters’ beam), the corresponding bending moment
resistance is increased by 14% but the joint rotation capacity is reduced by 13% in

comparison to the partial shear connection (3 meters’ beam).

S, Mises
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(Avg: 75%)
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+9.131e+07
+3.416e+02
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Scale x 8

a) 3 meters’ beam b) 10 meters’ beam

Figure 5.24: Stresses of Von Mises in the joint about @ = 35 mrad (before the bolt failure) with a)

partial shear connection and b) full shear connection

Figure 5.23b depicts the M-N curves for both models with beam axial restraints
(K, = 50 kN/mm and K, = 157 kN/mm). In both cases (3 meters and 10 meters’ beams),
the effect of the beam axial restraint is to increase axial compression loads, so that the
bending moment resistance increases. For the 3 meters beams, bolt failure is reached
before the maximum compression load, whereas bolt failure for 10 meters’ beams happen
after the maximum compression load. The beam span influences the axial load applied at
the beam end. For a longer beam span (higher slenderness), initial beam axial compressive
loads are smaller and catenary action develops for lower joint rotation. However, for the
studied sub-frame characteristics, spans longer than 10 m are needed to reach the tensile

forces in the joint before the bolt failure.

The evolution of the load applied at the column top versus the joint vertical displacement
is depicted in Figure 5.25; these cutrves are not cut after the 1% bolt failure in order to
observe the estimated behaviour of the joint under larger deformations. For the 3 meters’
beam, failure of the joint is attained before reaching high deformations needed to develop
tensile axial loads. With the 10 meters’ beam, tensile loads are able to develop after failure
of the bottom bolts rows; it is also shown that tensile loads develop faster (for lower

vertical deformations) when higher stiffness of the beam axial restraint K, is considered.
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Figure 5.25: Load versus vertical displacement at the column top

5.4.6 Influence of the safety factors and material properties

In the previous sections, the behaviour of steel and composite joints has been
investigated, so that measured mechanical properties have been used, as well as partial
factors equals to 1. If the structural design is considered, mechanical properties and partial
factors defined in the codes may be used. The composite joint CF] is considered for this
study. M-N curves obtained from analytical results are depicted in Figure 5.26a and Figure
5.26b, at ambient and elevated temperatures (700°C), respectively. For both situations,
three M-N curves are drawn: ) with measured mechanical properties (ultimate stresses f;),
and partial factors equal to 1 (reference curve); B) with measured mechanical properties
(vield stresses f), and partial factors equal to 1; and C) with design resistances (yield stresses
and partial factors defined from FEurocodes). Measured material properties from
standardized stress-strain curves are considered (Appendix A.3); at elevated temperatures,

the standardized curves of the steel material do not consider any strain hardening and f,
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Figure 5.26: M-N cutves of the composite joint at: a) ambient temperature (20°C); b) elevated
temperatures (700°C)

At ambient temperature (Figure 5.26a), the global reduction of M-N resistance is

obvious when the yield strength and partial factors are considered. Under M*, the

maximum bending moment reduces of:
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1. 17% (from A to B) because of the reduction of: i) the steel mechanical properties
(£, steel < Jusee)» and ii) the concrete properties, reduced by 22% (£, = 29 MPa < f =
37 MPa).

i. 37% (from A to C), because of the reduction of: i) the smaller steel mechanical

properties defined in Eurocodes, and ii) the partial factors (y_= 1.5 and y = 1.25).

The decrease of resistance under hogging bending moment is lower because the
concrete component is not activated and structural steel components resistances are only

reduced by the yield strengths values (the partial factor does not influence as y = 1.0);

bolts and steel reinforcement are reduced by y, = 1.25 and y = 1.15 respectively.

s,reinforcement

At elevated temperatures (Figure 5.20b), steel material properties do not consider strain
hardening, so that the difference between curves .4 and B is only visible where the concrete
component is considered; this component is reduced by using £, instead of f . This
component influences the maximum sagging bending moment and the maximum axial
resistance in compression (reduction of 17% and 13% respectively). For the design results
(curve C), the whole M-N curve is reduced by the decrease of the material properties and
the partial coefficients.

5.5 Concluding remarks

In this chapter, the M-N behaviour of the composite steel-concrete beam-to-column
joint is studied in detail. The objective is to provide additional information on the joint
behaviour at failure when it is subject to sagging bending moments, axial loads and elevated
temperatures after the loss of a column due to a localised fire. Namely, it is expected to
enlarge knowledge of the effect of some parameters that influence the robustness of joints

from tall open car park buildings. The behaviour of the joint is analysed based on:

1. Numerical results, obtained from the FE models presented in chapter 4;
ii. Analytical results, obtained from the procedure developed at the University of
Liege, which predicts the M-N curves of joints.

The analytical procedure is presented in detail at the beginning of the chapter. Its
applicability to steel and composite joints under combined bending moment, axial load and

elevated temperatures is demonstrated.

Results show that the global M-N resistance of the studied joints decrease with the
increase of temperatures. The loss of resistance is accentuated where the component the
most heated in a fire (beam bottom flange) is activated in compression, i.e. under hogging
bending moment and compression loading. The ultimate failure mode of the joint under
pure bending moment is also changed by the increase of temperature, because the
resistances of the rows are dependent of the temperature gradient in the cross-section

(non-uniform distribution), and the position of the neutral axis changes.
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After the column loss, the joint is subject to sagging bending moment. The part of the
building not directly affected by this accident provides strong beams restraints. The results
show that because of these restraints and due to the geometrical effect (low slenderness of
the composite beam), high axial compression loads develop before reaching high
displacements and deformations. Small compression loads have a beneficial effect on the
resistance of the joint and provide higher resistance and rotation capacity. However, under
high compression loads, the column web instability governs the joint resistance and the
joint rotation capacity is much reduced. The joint reaches its maximum resistance and
maximum capacity of deformation under the (M, N) loading corresponding to a position of
the neutral axis located near the top bolt row: the concrete slab and the beam top flange are
under compression and all the bolt rows work in tension. However, the capacity of rotation
of this type of joint is not sufficient to reach the high deformations necessary to develop
catenary action: the joint fails before reaching large deformations and associated tensile
loads. For this type of low slenderness composite beam, the bottom bolt row needs a high
capacity of deformation in tension (under sagging bending moment), depending of the

capacity of deformation of end-plate, column flange and bolts.
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6 General conclusions and perspectives

6.1 Conclusions

This thesis reflected the author participation in the ROBUSTFIRE research project, as a
member of the research group ISISE-SMCT at the Civil Engineering Department of the
University of Coimbra. In the thesis, the behaviour of steel-concrete composite joints in
open car park buildings under column loss robustness scenario, due to fire, was
investigated. The main objective was to provide a detailed analysis of the heated joint
behaviour subject to variable bending moments and axial loads when the column fails.
Open car parks are characterized by high ventilation that keeps the fire limited on the
ignition zone (not leading to a flash-over), and a fire in an open car park building is
considered as localised fire. The fire scenario considered in the current work was a localised
fire around the column: the fire heats the joint zone, but a large part of the beams remains
at ambient temperature. So, during the heating, the joint was subject to an increase of axial
compressive loads due to the prevented thermal expansion. It can be noted that limited
axial forces develop, in comparison to a full-development fire that would heat the entire
beams spans. Once the column fails, the joint suffers a vertical displacement downwards,
and it is subject to a variation of bending moments: from hogging to sagging bending
moment. Additional loss of joint resistance due to elevated temperatures needs to be
considered. Finally, the structure should be able to reach an alternative equilibrium
configuration (catenary action) at the condition that large enough deformations can
develop without failure; so vertical loads applied to the joint and the beams would mainly

resist by the vertical components of catenary forces (tensile axial forces).

From previous experimental and numerical studies of open car park buildings subject to
fire, it was shown that the fire safety of unprotected steel open sided steel-framed car parks
is ensured, if some specific structural conditions are considered (e.g. beams with composite
steel concrete section including shear studs, columns filled with concrete between the
flanges, etc...). The results of demonstration fire tests in real car park buildings have

encouraged changing the legislations in several European countries, allowing to build steel
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or composite steel-concrete open car parks without fire protection. A design based on the
actual performance of the structure (based on fire scenarios) and not on prescribed
nominal design curves (that in most of the cases require fire protection with considerable
thickness) is now considered. The height of each storey is usually short to optimize the
building size, so that flames of burning cars impact the ceiling. In these conditions,
localised effect of a fire, on horizontal elements located above the fire, can be evaluated by
the simple analytical tool proposed by Annex C of EN 1991-1-2 (2002): the Hasemi’s
method. The calculation of the temperatures depends on the total rate of heat release,
which is determined based on the fire scenario. The reference curve for the rate of heat
release was defined based on experimental test results performed on actual vehicles.
Nowadays, no accurate and simple method is available to calculate the column temperature
when it is subject to a localised fire, and advanced models are required to determine the
real temperature in vertical elements. Finally, calculation models to design the structures are
presented in EN 1993-1-2 (2005) and EN 1994-1-2 (2005). An example was presented in
chapter 2, and it clearly showed the advantage of using the design methodology based on
fire scenarios against the use of ISO 834 curve. It was verified that the unprotected

composite steel-concrete beams were safe when subject to the studied fire scenarios.

A typical open car park building with eight floors was specially designed for the
ROBUSTFIRE project, and the composite beam-to-column flush end-plate joint from the
fifth floor was studied in detail in chapters 3, 4 and 5. The joint configuration was
representative of usual joint typologies used in open composite steel-concrete car park
structures. First, seven beam-to-column joints were tested: one reference test at ambient
temperature; five tests at 500°C or 700°C; and a demonstration test, for which the sub-
frame was subject to an increase of temperature up to the failure of the column (see
chapter 3). In these tests, the effect of the combined bending moment, axial loads and
elevated temperatures in the beam-to-column composite steel-concrete joints, following
the loss of the column, was observed. The joint failed before reaching large deformations,
and catenary action was not attained. Then finite element method (FEM) analyses of steel
and composite steel-concrete elements were performed in chapter 4, using Abaqus.
Preliminary validation of the FEM program for analysis of steel and composite steel-
concrete structures subject to fire and modelled with beam and shell elements was
achieved, and confidence was gained in the FEM results. The 3D FEM models of the
composite joint were developed and calibrated against three experimental tests at ambient
and elevated temperatures. The global behaviour of the composite steel-concrete joint in
Abaqus was accurately modelled, the joint failure was easily approximated and accurate
deformation predictions up to failure was provided at ambient and elevated temperatures
(700°C in the beam bottom flange). These FE models allowed assessing the detailed
behaviour throughout the entire robustness scenario, including stresses, extensions,
deformations, etc.... Finally, in chapter 5, the M-N behaviour of the composite steel-
concrete beam-to-column joint was studied in detail using the 3D FEM models and

existing analytical tools. The existing analytical procedure developed at the University of
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Liege allows predicting the M-N curves of joints. Its applicability to steel and composite
joints under combined bending moment, axial load and elevated temperatures was
demonstrated. Additional information on the M-N composite joint behaviour at failure
under column loss scenario was provided, and some parameters that influence the
robustness of joints from tall open car park buildings (e.g. temperature, beam axial

restraint, beam span length, etc...), were investigated.

From the experimental tests performed without beam axial restraint, it was observed
that the joint rotation capacity increases with temperature, whereas the maximum sagging
bending moment is reduced. It was also shown, by the detailed study of the joint behaviour
in chapter 5 (section 5.4.2), that the global M-N resistance of the joint decreases with the
increase of temperatures. In a fire, the most heated component is the beam bottom flange;
when this component is activated (i.e. under hogging bending moment and compression
loading), the loss of resistance is higher. The ultimate failure mode of the joint under pure
bending moment is also changed by the temperature increase, because the resistances of
the rows are modified, depending of the temperature gradient in the cross-section (non-

uniform distribution).

From the experimental tests performed with beam axial restraint, under sagging bending
moment, experimental, FEM and analytical results showed that, because of the low
slenderness of the composite beam (span length / cross-section height), axial compression
loads develop at the beam restraints before reaching high displacements and deformations.
As observed in experimental tests (chapter 3), small compression loads have a beneficial
effect on the resistance of the joint and provide higher resistance and rotation capacity: the
tests with total beam axial restraint exhibited higher sagging bending moment resistance.
The observed increase in moment capacity is in line with previous experimental and
analytical results (Lima e a/., 2004; Simoes da Silva ez al., 2004), resulting from the beneficial
effect of the compressive axial forces that also led to increase the joint rotation capacity
and ductility. Under higher compression loads, the column web instability governs the joint

resistance and the joint rotation capacity is much lower (see section 5.4.3).

Catenary action was not attained in any experimental test, even in the demonstration
test. In this demonstration test, the bottom column failed under 658°C, and then once the
beams reached 700°C, the vertical displacement of the joint began to increase faster, the
composite slab crushed, and finally the sub-frame collapsed. Failure of the bolts in the
bottom bolt row was observed for small vertical displacements during the development of
the compression loads. It was finally observed that the capacity of rotation of this type of
joint is not sufficient to reach the high deformations necessary to develop catenary action:
the joint fails before reaching large deformations and associated tensile loads (see section
5.4.5).
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6.2 Robustness of open car park buildings subject to localised

fire

The work developed within this thesis aimed to highlight the two essential requirements
for sufficient robustness in tall car park buildings under column failure scenario: i) joints,
heated by localised fire, need to be able to resist variable bending moments and axial loads,
and 1i) the structural system has to be ductile enough to allow the development of tensile
loads, required to reach an alternative equilibrium configuration (catenary action). At the
beginning of the ROBUSTFIRE project, the design of the composite joints indicated bolts
M24; however, in order to increase the connection resistance and avoid shear failure during
the experimental tests, bolts M30 were selected for the project. So, when the column fails,
the joint would be able to sustain the vertical loads coming from the rest of the structure
by developing catenary forces, and robustness would be improved by providing alternate
load paths. In this way, the initial damage (column loss) can be contained and major
collapse can be averted. This method is based on the indirect tying method prescribed in
EN 1991-1-7 (2006). However, the capacity of deformation of the joint to reach sufficient
deformation to develop the tensile loads in the frame is not considered in this method. For
high beam slenderness (small cross-section height and/or long beam span), previous
experimental work showed that rotation capacity of composite joint is sufficient to reach
high vertical deformations and tensile loads (Demonceau, 2008). However, it is highlighted
in the current thesis that improving robustness by increasing resistance of the joint is not
sufficient for joints with low beam slenderness, and it is not safe; the tying method
provided by EN 1991-1-7 (2006) needs to be associated to a ductility criterion. Nowadays,
the codes do not provide any simple method to evaluate the capacity of deformation of a
steel / composite joint under large deformations. The only way to evaluate the joint
deformation capacity at failure is to use complex, detailed and time-consuming numerical
models, but this is not feasible for practical engineers. Additional investigation should be
performed in this way, to provide simple prescriptive rules to complement the tying
method (EN 1991-1-7, 20006).

6.3 Open questions and further research interests

The work presented in this thesis deals with the behaviour of composite steel-concrete
beam-to-column joints under extreme loading (column loss due to localised fire). In the

course of the research, several topics are identified as requiring further examination:

1. Additional investigation should be performed on new joints typologies (e.g. web
cleat connections), keeping the same beam and column sizes. These studies
intend to investigate the capacity of rotation of the joint, and observe if it would
have sufficient ductility to reach high deformations and catenary action under

column loss scenario. It should be noted that the position of the axial restraint
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to the beam influences the axial loads: a restraint located at the level of the
concrete flange will be subject to tension loads earlier than the axial restraint
located at the centroid of the steel beam. The design of the joint typology
should consider this effect.

When the column fails, catenary forces can only develop in the frame if joints
are able to deform and reach sufficient vertical displacement without any failure.
A simple critetion, based on the beam slenderness I./EI, may be determined in
order to inform the engineers about the required rotation from which tensile

forces appear in the axial restraint to beam ¢,__ .

A simplified method to define the capacity of rotation of the joint at failure ¢,
should be developed and introduced in the codes. The analytical method of
Cerfontaine allows defining this rotation capacity of a joint at failure. However,
deformation limitations of ductile components are not considered, and when
this method is applied to a composite joint with high cross-section height (i.e.
the composite joint studied in the thesis), deformations of bolt rows reach 100
mm, which is unrealistic. This method could be improved and validated for
composite joints, based on following assumptions: i) Total shear connection
between steel and concrete in the composite beam can be considered in a safe
side: it was observed, in section 5.4.5, that total shear connections provide lower
joint capacity of rotation than partial shear connections; ii) Fang ez al. (2011)
limit the deformation of ductile components from bolt rows to 25 mm (end-
plate connection); this deformation limit may be considered. Yang and Tan
(2013) also reminded that tensile resistance of the joint is modified after large
rotations have occurred, and tying resistance of the joints should still satisfy
certain values in the deformed configuration. The FEM model developed within
this work can be useful for these further developments, to provide additional
results of different case studies.

Temperatures of vertical structural elements (such as columns) subject to
localised fire, is actually under investigation in Europe. Additional experimental
tests should be performed, CFD models may be developed and validated, and
from parametrical studies, a simplified approach to evaluate the heat flux into
steel columns should be developed (Ferraz, 2014).

Discrepancies were observed between FEM and analytical results when the
analytical method provided failure of the beam web in tension component;
analytical results were much lower than FEM results (see chapter 5). So the
analytical resistance of the component “beam web in tension” should be better
characterized by considering the resistance of the beam flange in tension.

When the experimental test 6 (700°C in beam bottom flange and spring restraint
to beam) was modelled in Abaqus, higher axial compression load and initial
stiffness were observed under sagging bending moment, in comparison to what

was measured during the experimental test. The experimental test 6 ran during
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about 8 hours, with slow heating followed by constant temperature state (700°C)
and increase of stresses, so creep effects could affect the deformation of the
frame and the reaction loads during the experimental test.

Creep is defined as the time-dependent plastic strain under constant stress and
temperature; it occurs due to movement of dislocations in the slip plane. At
ambient temperature, the inelastic response of steel does not show dependence
on time, and time effects are normally neglected in the analyses and design. At
elevated temperatures, the influence of creep increases with the increase in axial
restraint, and load level; and lower is the heating rate, higher are the creep
strains. Generally, neglecting high-temperature creep effect stiffens the structural
response and leads to reduced deflections but larger restraint forces. Therefore,
neglecting high temperature creep in fire resistance analysis of steel structures
can lead to unconservative predictions (Kodur and Dwaikat, 2010). So, for steel
cross-sections subject to high temperatures and high stress for a long period of
time, it is important to consider creep (Aribert and Randriantsar, 1980 and 1983;
Kodur and Dwaikat, 2010, Morovat ez al., 2012, Huang ez al., 2006). However,
creep is not usually included explicitly in fire design process because of lack of
data and the difficulty of calculations (Morovat ef al., 2012).

In the detailed FEM model of the composite joint (chapter 4), creep was
neglected. An attempt to include creep strains in the FE model was made, using
the quasi-static analysis “Visco” in Abaqus, where time-dependent material
response is considered. However, calibration of creep material properties (to use
the available power-law creep in Abaqus) was difficult due to lack of data. These
effects should be considered in further developments: 1%- by studying the creep
material properties from steels used in the experimental tests (e.g. by executing
experimental creep coupon tests), 2™ by including and considering these creep
properties in the detailed FE model, using a quasi-static analysis.

Six additional tests were performed on bolts M30, grade 10.9 under natural fire
conditions, with the following procedure: 1%~ heating up to T; = 500°C, 600°C
or 700°C (linear ramp of 250°C/hour), 2*'- maintaining the constant elevated
temperature during half an hour, 3"- naturally cooling, 4"~ machining of
coupons, and 5" testing in tension at ambient temperature (T,), according to
the same proceeding than explained in section 3.4. Results are presented in
Appendix A.5. Additional investigation should be performed in order to check if
bolts subject to variable axial loads during a localised fire could be reusable if
bolts temperatures did not exceed 600°C (which is probable in such building and

fire conditions).
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6.4 Personal contributions

The main personal contributions to the presented investigations are listed here below:

o)

b)

d)

g

h)

Derivation of all structural requirements for car park structures: dimensions,
layout, loads, fabrication/construction/erection constraints, tealistic fire
scenarios, National regulations, etc... (chapter 2);

Development of a practical example of open car park fire design according to
the fire engineering methodology, based on simplified and advanced methods
(section 2.7);

Preparation of seven experimental tests on beam-to-column composite joints:
simplified FE model to define the joint loading like in the real car park building,
estimation of the global behaviour and reaction forces of the tested joint by
simplified FE models (Appendix D);

Execution of seven experimental tests on beam-to-column composite joints:
drawings, definition of the loading sequence and its application in the
laboratory, design of the pins and the surrounding structure, practical study of
the heating system (electrical elements) and of the spring restraints manually
controlled, preliminary tests, instrumentation, controls and measurements
during the experimental tests, and interpretation of the experimental results
(chapter 3 and Appendix B);

Execution of tensile tests on steel coupons, including the design of the coupons,
and interpretation of the experimental results (section 3.4 and Appendix A);
Execution of compression tests on concrete blocks: tests and interpretation of
the experimental results (section 3.4);

Validation of the commercial program Abaqus (2012) for modelling steel and
composite steel-concrete structures under fire: coordination of the benchmark
study of steel columns subject to fire, and development of the benchmark study
of composite beams subject to fire (section 4.2);

Calibration and validation of three 3D FE models of the composite joint subject
to variable bending moments and axial loads at ambient and elevated
temperatures (section 4.3);

Demonstration of the applicability of the analytical procedure developed at the
University of Liege to steel and composite joints under elevated temperatures
(section 5.3);

Extensive study of the joint behaviour subject to variable bending moments and
axial loads at ambient and elevated temperatures, based on numerical and
analytical results: influence of some parameters such as temperature, beam span,

joint size, etc.... on the robustness of tall open car park buildings (section 5.4).
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Finally, here after are listed the author publications within the course of this thesis:
International journals (ISI)

Haremza, C., Santiago, A., Simoes da Silva, L. “Experimental behaviour of heated
composite steel-concrete joints subject to variable bending moments and axial
forces”, Engineering Structures 51, p.150-165, 2013,
http://dx.doi.org/10.1016/j.engstruct.2013.01.016.

Haremza, C., Santiago, A., Simd&es da Silva, L. “Design of steel and composite open car
parks under fire”, International Journal of Advanced Steel Construction, Vol. 9,
No. 4, p.350-368, Dec. 2013.

National journal

Haremza, C., Santiago, A., Simdes da Silva, L., “Dimensionamento de vigas mistas ago-
betdao de parques de estacionamento abertos em situagao de incéndio”, RPEE,
Revista Portuguesa de Engenharia Estruturas, Série 11, numero 13, p.49-59, 2013.
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International and National conferences

Santiago, A., Haremza, C., Simoes da Silva, L. and Rodrigues, J.P., “Numerical Behaviour
of Steel Columns subject to Localised Fire Loading”, in Topping, B.H.V., Costa
Neves, L.F. and Barros, R.C. (eds.), Proceedings of 12" International Conference
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Appendix A

A Control tests results

A.1 Steel coupons dimension

E & —
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Figure A.1: a) Rectangular and b) cylindrical cross-section steel coupons

Table A.1: Rectangular steel coupon dimensions for structural steel tested at ambient temperature

(W- web; F- flange)

Original gauge  Parallel Total Original cross-
Thickness Width length length length Radius  sectional area
ao bo Lo L L. r So

Steel mm mm mm mm mm mm mm
S355W 11 20 84 107 331 12 220
S460W 11 20 84 107 331 12 220
S355F 17 25 116 148 372 12 425
S460F 19 25 123 156 380 12 475
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Table A.2: Cylindrical steel coupon dimensions for structural steel tested at elevated temperatures,

and bolts tested at ambient and elevated temperatures

Original Parallel  Total Original cross-
Thickness Width gauge length length  length Radius  sectional area
a0 b Lo L. L. r So
Steel mm mm mm mm mm mm mm
S355W 11
S460W 11 5 28 - 38 Min. 2 20
S355F 17
S460F 19 10 55 -- 75 - 79
Bolt M30 30 5 35 28 - 7.5 20

A.2 Tensile coupon tests results

A.2.1 Tests results of structural steel S355J0 + M

600 - —S$355W-20°C-T1
--- $355W-20°C-T2
500 —=8355W-20°C-T3
400 ——S355W-500°C-T'1
- -~ 8355W-500°C-T?2
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Figure A.2: Stress-strain curves obtained from the tensile coupon tests (T) performed at 20°C,
500°C and 700°C for steel S355J0+M, from steel profile IPE 550 (W- web)

600 - —S355F-20°C-T1
500 - $355F-20°C-T2
g 400 —~$355F-20°C-T3
7 300 - $355F-500°C-T2
I - $355F-500°C-T3

—S355F-700°C-T1

100 - $355F-700°C-T2

0 o _S355F700°C-T3

0 5 10 15 20 25 30 35 Stain(%)

Figure A.3: Stress-strain curves obtained from tensile coupon tests (T) performed at 20°C,
500°C and 700°C for steel S355]0+M, from steel profile IPE 550 (F- flange)
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Table A.3: Mechanical properties of steel S355 J0+M obtained from tensile coupon tests

Steel Temp.  Yield strength  Tensile strength  Elongation after
(°C) R. (MPa) R (MPa) fracture A (%)
T1 20 403 517 32
T2 20 387 516 33
T3 20 397 517 324
- c T1 500 437 445 31.6
PL 550 T2 500 318 429 316
T3 500 334 432 27.7
T1 700 170 171 52.5
T2 700 173 175 44.1
T3 700 164 166 49.9
T1 20 425 535 30
T2 20 435 540 319
T3 20 437 541 314
T1 500 357 447 23.7
Web of IPE 550 T2 500 412 440 225
T3 500 363 433 30.1
T1 700 140 142 65.9
T2 700 190 190 68.6
T3 700 151 153 59.5

A.2.2 Tests results of structural steel S460M

700 —S460W-20°C-T1

600 | - S460W-20°C-T2
- — — ~S460W-20°C-T3
£ 500 —S460W-500°C-T1
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Figure A.4: Stress-strain curves obtained from the tensile tests (T) performed at 20°C, 500°C
and 700°C for steel S460M, from HEB 300 (W- web)
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Figure A.5: Stress-strain curves obtained from the tensile tests (T) performed at 20°C, 500°C
and 700°C for steel S460M, from HEB 300 (F- flange)

Table A.4: Mechanical properties of steels S460M from tensile coupon tests

Steel Temp.  Yield strength ~ Tensile strength ~ Elongation after
&) R. (MPa) R (MPa) fracture A (%)

T1 20 513 595 26.5

T2 20 517 599 26.8

T3 20 517 603 28.3

o ] T1 500 284 315 27.2
HED 300 T2 500 307 345 21.2
T3 500 284 315 21.2

T1 700 137 137 42.8

T2 700 132 134 40.7

T3 700 136 137 41.1

T1 20 500 579 25.6

T2 20 520 569 26.4

T3 20 491 566 24.8

T1 500 382 430 313

Web of HEB 300 T2 500 368 436 26.8
T3 500 356 397 28.5

T1 700 186 190 48.3

T2 700 209 211 52.3

T3 700 163 164 53.7
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A.2.3 Tests results of bolts M30, grade 10.9

1200 —B-20°C-T1  —-B-20°C-T2
— —B-200°C-T1 --- B-200°C-T2
——B-400°C-T1 --- B-400°C-T2
800 _ —B-500°C-T1 --- B-500°C-T2
£ —B-600°C-T1 --- B-600°C-T2
2 600 - — B-700°C-T1  --- B-700°C-T2
z —B-800°C-T1 --- B-800°C-T2
£ 400 -
w
200
0 I ‘ ‘ ‘ ' Strain (%)
0 25 30 35 40 45 50

Figure A.6: Stress-strain curves of bolts M30 grade 10.9 at 20°C, 200°C, 400°C, 500°C, 600°C,
700°C and 800°C - Ultimate tensile strength values from EN 1993-1-2 (2005) are shown by the

horizontal dashed curves

Table A.5: Mechanical properties of steel from bolts M30, grade 10.9

Temperature  Yield strength ~ Tensile strength ~ Elongation after

9 Rpo.2v (MPa) R (MPa) fracture A (%)

T1 20 870 1035 15.1
T2 20 733 733 18

T3 20 995 1052 15.5
T1 200 935 1086 14.2
T2 200 973 1107 14.8
T1 400 804 868 17.9
T2 400 761 813 16.7
T1 500 497 554 23.2
T2 500 520 561 22.7
T1 600 279 305 42

T2 600 317 360 41.7
T1 700 102 115 68

T2 700 95 108 54

T1 800 33 65 80.4
T2 800 86 117 73.4

A.3 Standardized stress-strain curves of structural steels and
bolts

A.3.1 Standardized stress-strain curves

From the tensile tests results, standardized stress-strain cutrves of structural steels
S355J0+M and S460M are defined using: i) at ambient temperature, the Menegotto-Pinto
model (for materials of sharp-knee type) (Kato ¢ a/, 1990), and ii) at elevated temperatures,
the stress-strain relationship for carbon steel defined in EN 1994-1-2 (2005), without any
strain hardening. The reduction factors for the effective yield strength, the proportional
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limit and the elastic modulus at elevated temperatures are calculated based on the measured
value at 20°C.

The evolution of mechanical properties (yield strength) with temperatures of structural
steels S355J]0+M and S460M determined from the steady-state tests are illustrated in Figure
A.7, and it is shown that all the tests results except for the column flange (S460M) at 500°C
are above the Eurocode recommended values. As no tensile tests are performed for the
steel end-plate (due to no available material), the standardized stress-strain curve is defined
based on the beam web material properties measured at ambient temperature. At elevated
temperatures, reduction factors defined in EN 1994-1-2 (2005) are considered.

A6OO . ——S355EC 600 —e—S460EC
£ 500 - o S355W £ 500 % o SA60W
Z 400 18 o S345EC | 1& 401 | ——S440EC
0300 - B 300 -
(O]
5200 - 2 200 -
= 100 - = 100 -
pe! 0 | Temperature (°C) : pe 0 | Temperatyre (°C)

N 0 200 400 600 800 1000 | 0 200 400 600 800 1000

Figure A.7: Temperature-depending yield strength reduction for a) S355J0(+M) and b) S460M —
Comparison of tests results against Eurocode values (EC: Eurocode; W: web; I: flange)

A.3.1.1 At ambient temperature

Figure A.8 shows the standardized curves that were defined using the Menegotto-Pinto
model for materials of sharp-knee type (Kato e a/, 1990) based on the stress-strain curves
from the tensile tests. This model is used to consider the strain hardening measured by the
tensile tests at ambient temperature. Table A.6 presents the elastic modulus, which is

determined as the initial slope of the stress-strain curves at ambient temperature.

700
600 - —Beam flange - S355
—--Beam web - S355
5) 500 - —Column flange - S460
= 400 - —--Column web - S460
% 300
8
@ 200 -
100 A .
O T T T T - | Strain (0\/0)
0 5 10 15 20 25 30

Figure A.8: Standardized stress-strain curves of steel from the webs and flanges of columns
HEB 300 (S460) and beams IPE 550 (§355)
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Table A.6: Elastic modulus of structural steel S355J0+M and S460M (average values from all the

tests at each temperature)

Elastic modulus (N/mm?)

20°C 500°C 700°C
Beam IPE 550 -  Flange 207 650 135 525 93 960
$355J0+M Web 221 490 138 667 72 204
Column HEB 300  Flange 183 800 133213 78 291
- S460M Web 219 597 163 795 82 627

A.3.1.2 At elevated temperatures

At elevated temperatures, EN 1993-1-2 (2005) defines the stress-strain relationship for
carbon steel (Figure A.9). The effective yield strength J;,e’ the proportional limit j; 0 and the

slope of the linear elastic range E, g are the variables that define the stress-strain curve of

the material. For the steel stress-strain relationship, the reduction factors are defined as:
- Effective yield strength, relative to yield strength at 20°C: £, = ];,e / J;,ZO"C
- Proportional limit, relative to yield strength at 20°C: £,y = ]; 0 / ji 20°C

- Slope of linear elastic range, relative to slope at 20°C: &g g = E, o/ E, 20oc

A
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fog | —
v, /,/ ! ‘\\\
/ \
/
ffffffff i{ ; Py
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/ : ‘ \\
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/o \
/o \
// \
/ \
/ \
£ : 1 : \
| Eap = tana ! | \
fu) | | | .

€, €

P8 V8 S0 Sup Straine

Figure A.9: Stress-strain relationship for carbon steel at elevated temperatures (EN 1993-1.2:
2005)

The reduction factors for the effective yield strength at elevated temperatures are
calculated at 500°C and 700°C based on the tests results relative to measured yield strength
at 20°C (Figure A.10 and Table A.7); at 600°C, linear interpolation is used.
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Figure A.10: Temperature-depending yield strength reduction factor for a) S355J0+M and b)
S460M — Comparison of tests results against Eurocode values

Table A.7: Reduction factors for the yield strength of structural steel S355]0+M and S460M at
temperatures 20°C-1000°C - Values based on steady-state test results and Eutocode values

Reduction factor (relative to ];) for effective yield strength:

A0 :fv,e/ 7,
S355J0 + M S460M
0 (°C) EN 1993-1-2
Web Flange Web Flange
20 1.00
100 1.00
Eurocode Eurocode Furocode FEurocode
200 1.00
values values values values
300 1.00
400 1.00
500 0.78 0.87 0.82 0.74 0.57
600 0.47 0.62 0.63 0.56 0.42
700 0.23 0.37 0.43 0.37 0.26
800 0.11
200 0.06 E de E de E de E d
1000 0.04 urocode FEurocode urocode urocode
values values values values
1100 0.02
1200 0.00

The reduction factors for the proportional limit and the elastic modulus (tangent
modulus) at elevated temperatures are defined at 500°C and 700°C (see respectively Figure
A.11 and Table A.8, and Figure A.12 and Table A.9); between 100°C and 500°C, and at
600°C, linear interpolation is used. Because of the non-linear nature of stress-strain
characteristics at elevated temperatures, the tangent modulus is used; however, it depends

on the proof strain at which the elastic modulus is measured (Hu, 2009).
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Figure A.11: Temperature-depending proportional limit reduction factor for a) S355J0+M and

b) S460M — Comparison of tests results against Eurocode values

Table A.8: Reduction factors for the proportional limit of structural steel S355J0+M and S460M at
temperatures 20°C-1000°C - Values based on steady-state test results and Eurocode values

Reduction factor (telative to fy) for proportional limit: £ 5= ]; P / jg

S355]0 + M S460M
0 (°C) EN 1993-1-2
Web Flange Web Flange
20 1.00 Eurocode Eurocode Eurocode Eurocode
100 1.00 values values values values
200 0.807 0.90 0.89 0.87 0.84
300 0.613 0.79 0.77 0.75 0.69
400 0.420 0.69 0.66 0.62 0.53
500 0.360 0.58 0.55 0.50 0.38
600 0.180 0.41 0.42 0.37 0.28
700 0.075 0.25 0.28 0.25 0.18
800 0.050
900 0.0375 q q q q
1000 0.025 Furocode Eurocode Eurocode Eurocode
values values values values
1100 0.0125
1200 0.00
1.2 ~ KE,0_EC 1.2 - KE,0_EC
v - - KE,0_S355W o 5n - - KE,0_S460W
Qg & 1 =) 1 - ~
5 § ~.  -=- KE0_S355F S g S - - KE0_S460F
g2 08 - i SE 08 Sso
58 St g2 a
5 o ~ Q 4
«E gm 0.6 - \\\\ lg §Lﬂ 0.6 \\\
5 04 M S5 04 s
B @ S
2 1S) \\ =] (] \
g R 02 } E g 02 - ’
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a) b)

Figure A.12: Temperature-depending yield strength reduction factor for a) S355J0+M and b)
S460M — Comparison of tests results against Eurocode values
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Table A.9: Reduction factors for the elastic modulus of structural steel S355]0+M and S460M at
temperatures 20°C-1000°C - Values based on steady-state test results and Eurocode values

Reduction factor (relative to E,) for the slope of the linear
elastic range: &g 4= E, 4/ E,

EN 1993-1- S355]0 + M S460M
009 (2005) Web Flan Web Fl
ge e ange
20 1.00 Eurocode Eurocode FEurocode Eurocode
100 1.00 values values values values
200 0.90 0.91 0.91 0.94 0.93
300 0.80 0.81 0.83 0.87 0.86
400 0.70 0.72 0.74 0.81 0.79
500 0.60 0.63 0.65 0.75 0.72
600 0.31 0.48 0.55 0.56 0.58
700 0.13 0.33 0.45 0.38 0.43
800 0.09
900 0.0675
1000 0.045 Eurocode Eurocode FEurocode FEurocode
values values values values
1100 0.0225
1200 0.00

Finally, the standardized stress-strain curves of structural steels S355J]0+M and S460M
at ambient and elevated temperatures are shown in Figures A.13 and A.14, and Figures
A.15 and A.16 respectively.

oo . S355W-20°C-T1

--- $355W-20°C-T2

—-—S$355W-20°C-T3
——S$355W-20°C-Std.
$355W-200°C-Std.
——S$355W-400°C-Std.
- $355W-500°C-T1
--- $355W-500°C-T2
— —8$355W-500°C-T3
——S$355W-500°C-Std.
——$355W-600°C-Std.
B I (- S355W-700°C-T1
L --- $355W-700°C-T2
o | | | T Stra‘ln (%) | | —»—2355\70-700“6-5?j
——S$355W-700°C-Std.
0 5 10 15 20 25 30 35 __$355W-800°C-Std.

500 -

2 400 77

300 -

Pa)

Stress

100 -

Figure A.13: Standardized and nominal stress-strain curves of steel S355J0+M from the web of
IPE 550 cross-section at ambient and elevated temperatures
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600 OOt S355F_20°C_T1
--- $355F-20°C-T2
500 - J— —— e — —S355F-20°C-T3
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& 400 S$355F-200°C-Std.
=3 ——8355F-400°C-Std.
2 300 --- $355F-500°C-T2
& — —$355F-500°C-T3
= ——$355F-500°C-Std.
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--- $355F-700°C-T2
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‘ ‘ ——$355F-700°C-Std.
25 30 35 —$355F-800°C-Std.

Figure A.14: Standardized and nominal stress-strain curves of steel S355J0+M from the flanges
of IPE 550 cross-section at ambient and elevated temperatures

700 L e S460W_200C_T1

--= S460W-20°C-T2

600 - —-=5460W-20°C-T3
& 500 S460W-200°C-Std.
—— S460W-400°C-Std.
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Figure A.15: Standardized and nominal stress-strain curves of steel S460M from the web of
HEB 300 cross-section at ambient and elevated temperatures
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Figure A.16: Standardized and nominal stress-strain curves of steel S460M from the flanges of
HEB 300 cross-section at ambient and elevated temperatures

A.3.2 Tensile coupon tests from bolts M30, grade 10.9

A.3.2.1 Tests results

Table A.10 presents the mechanical properties (proportional limit and elastic modulus)
for each temperature obtained from the tests (average values of the two tests at each

temperature). The elastic modulus presented in Table A.10 is determined as an initial slope
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of the stress-strain curves, and the proportional limits ]; L o> Which corresponds to the end
of the initial slope, are estimated as equal to 2/3 of the yield strength.

Table A.10: Mechanical properties of bolts M30, grade 10.9, derived from the tensile tests results

(average values from the tests at each temperature)

Temp. (°C)  Proportional limit 5, (MPa)  Elastic modulus £ (MPa)

20 932 206460
200 623 167680
400 522 158260
500 339 128815
600 199 78149
700 66 44148
800 40 47590

The mechanical properties (tensile strength £ and elastic modulus E) of bolts M30
grade 10.9 determined from the steady-state tests are illustrated in Figure A.17a) and b)
respectively. In Figure A.17a, it is shown that all the tests results are above the Eurocode
recommended values. However, the second test performed at 200°C provides unacceptable
value of the elastic modulus (Figure A.17b) because of initial difficulties at the beginning of
the tensile tests. Also, values of Elastic modulus at 800°C are not realistic. The Elastic
modulus values of these tests (at 200°C and 800°C) are not considered. The reduction
factors of the tensile strength and the elastic modulus are calculated based on the tests
average results, relative to measured strength and elastic modulus at 20°C (Figure A.18 and
Table A.11); at 100°C and 300°C, linear interpolation is applied.

1200 - 250000 -
! 6 fu EC E_EC

200000 B O E_Tests

O fu_Tests
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S S
1
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o

O
150000 8

100000

400 -

©

200 - 50000 - o 8
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a) b)

Figure A.17: Bolts M30 grade 10.9 temperature-depending: a) tensile strength /i, and b) elastic

modulus £ — Comparison of tests results against Eurocode (EC) values
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Figure A.18: Temperature-depending reduction factor for bolts M30 grade 10.9: a) &, for the

tensile strength and b) &g g for elastic modulus — Comparison of tests results against Eurocode
(EC) values

Table A.11: Reduction factors for the material properties of bolts M30 grade 10.9 at temperatures
20°C-1000°C - Values based on steady-state test results and Eurocode values

Reduction factor 4, for Reduction factor £ for
bolts strength: bolts elastic modulus:
Rub,n= ub,e/ b ko= Ey/E

EN 1993-1-2 EN 1993-1-

0 (°C) (2005) Tensile tests | 2 (2005)  Tensile tests
20 1.000 1.000 1.000 1.000
100 0.968 1.018 1.000 0.917
200 0.935 1.040 0.900 0.812
300 0.903 0.922 0.800 0.789
400 0.775 0.805 0.700 0.767
500 0.550 0.534 0.600 0.624
600 0.220 0.318 0.310 0.379
700 0.100 0.107 0.130 0.214
800 0.067 0.087 0.090 0.090
900 0.033 Eurocode 0.068 Eurocode

1000 0.000 values 0.045 values

A.3.2.2 Standardized stress-strain cutrves

Hanus e al. (2011) proposed a model for the stress—strain diagram of bolts under

elevated temperatures or natural fire (including both heating and cooling). The model is

based on the model of Riaux (1980), presented in Figure A.19, and on experimental tests

performed on bolts M12 and M20, grade 8.8. Two temperatures are defined: the maximum

temperature reached during the heating phase, T, and the temperature of the tensile test,

Tt. In the Hanus’ model, there is no horizontal plateau (g,9 = €10p) and the values of the

characteristic parameters are modified: 1) Hanus ez @/ (2011) presents some values of the

ratio &, between the proportional limit ]; 0 and the yield strength fy’e, depending on the

maximum temperature T, (see Table A.12); ii) the yield strain &, is fixed (g, = 0.02); iii)
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Hanus ez a/. (2011) showed that all the curves obtained from experimental tests pass on the
point (f, = 500 MPa; &4 = 0.1), or (f nye; &p = 0.1) when the yield strengthfye is
smaller than 500 MPa; iv) finally, they observed that, when T, < 600°C, g,4 = 0.15, and
when T, = 800°C, g, 4 = 0.25.

A Stress
fyle 5;!.5 = L)‘G/Ea.ﬂ
£,,=0.05
£ =0.1
fp.e =
...... £,=03
fio £,,; =035
o Etan U: =B . Strain
gp.:e EQ.e S‘10.3 Etg  Eup

Figure A.19: Mathematical model proposed by Riaux (1980)

Table A.12: Ratio £, ¢ between the proportional limit ]; and the bolt strength ]; _for bolts subject to

temperature history including both heating and cooling (Hanus e# a/, 2011)

T. (°C) koo
20 0.9
200 0.8
400 0.75
600 0.75
800 0.6
900 0.6

The standardized stress-strain curves of the tensile tests on bolts M30, grade 10.9, are

obtained from the Hanus’ model (see Figure A.20). The bolt strength fy o is considered
cqual to the tensile strength /. (Ry,), defined in Table 3.3; & ¢ corresponds to the stress
Joy (obtained from the tests results); and the ultimate strain &, is considered equal to the

elongation after fracture A4 (%), also given in Table 3.3.

1200 - —20 —B-20°C-T1 ——B-20°C-T3
—200 —B-200°C-T1  --- B-200°C-T2

1000 -7\ ——400 ——B-400°C-T1  --- B-400°C-T2
- \ ' —500 —B-500°C-T1  --- B-500°C-T2
& 800 —600 —B-600°C-T1  --- B-600°C-T2
= —700 —B-700°C-T1  --- B-700°C-T2
2 » —800 —B-800°C-T1  --- B-800°C-T2
8400
0]
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O T T 1 T \‘— ~\ T = T T T T T T St]{aln (0/0)
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Figure A.20: Experimental and standardized stress-strain curves of bolts M30 grade 10.9 at
20°C, 200°C, 400°C, 500°C, 600°C, 700°C and 800°C
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A.4 Compression tests on concrete blocks

B . T5
o 7 28 b T o 7
§ 35 .t
7z = 30 "
7 &
£3 25 -
g2 20
g «;3 15 -
o, i
g © 10
5 i
© 0 Time (day)
0 100 200 300 400

Figure A.21: Evolution of the compression strength of concrete cubes with time

Table A.13: Compression tests results of concrete cubes at 28 days

Compression
Weight (kg)  strength (MPa)  Failure load (kN) Density (g/cm?)
Cube 1 7.90 35.18 791.50 2.34
Cube 2 8.00 33.04 743.40 2.37
Cube 3 7.70 37.35 840.40 2.28
Average values 7.90 35.19 791.80 2.33

A.5 Additional tests at ambient temperature after heating and

cooling

Six additional tests are performed on bolts M30, grade 10.9 under natural fire
conditions, with the following procedure: 1%- heating up to T; = 500°C, 600°C or 700°C
(linear ramp of 250°C/hour), 2"~ maintaining the constant elevated temperature during
half an hour, 3*- naturally cooling, 4"~ machining of coupons, and 5"- testing in tension at
ambient temperature (1)), according to the same proceeding than explained in section 3.4.
The average values of the results are presented in Table A.14. Figure A.22a depicts the
experimental stress-strain curves from tensile tests; problems happened during test one
(T1) at 500°C (B500°C-20°C-T1) and results are not presented. Figure A.22b depicts the
standardized stress-strain curves at each tested maximal temperature, defined by the
analytical model of Hanus e a/. (2011), considering the average values obtained from the
tests results (Table A.14).

For temperatures below 600°C, the post-fire stress—strain curves are of gradual yielding
type; however, a yield plateau appears in the stress-strain diagram for the maximal
temperatures equal to 600°C and 700°C. The ductility is increased once the maximal
temperature reaches 700°C, and it is observed that the elastic modulus is not degraded by
any temperature. A part of the yield and tensile strengths are regained after cooling: 97%
from 500°C, 87% from 600°C and around 60% from 700°C. It shows that bolts M30,
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grade 10.9, can regain its nominal tensile strength if it is exposed to temperatures below
600°C. Qiang ez al. (2013) analysed steel S960 after heating and cooling. Similar behaviour
was observed for this steel S960, and they recommended using 90% of the nominal yield

strength for post-fire S960 if the steel structures are exposed to fire temperature below

600°C. The same recommendation may be done for bolts M30, grade 10.9; if bolts are not

distorted after fire exposure with temperatures below 600°C, they could be reusable after

fire.

Table A.14: Mechanical properties of bolts M30, grade 10.9 subject to initial heating - Values based
on steady-state test results and Hanus ez a/. (2011) values

Hanus model

Tensile tests results

Tensile Ultimate Yield Tensile Elongation
Temp. Temp. strength fi,  strain g, strength £, strength fu,  after fracture
T. °C) T (°C) (MPa) (%) (MP2) (MP2) A (%)
20 20 1044* 15.3* 932 1044* 15.3*
T1 802 958 17.8
2 1044.21 15.
0 >00 044 500 T2 1001 1063 15.3
T1 809 895 21.8
20 600 905.33 14.78
T2 818 894 17
T1 530 629 27.4
20 700 664.51 25.00
T2 538 645 31.2
*Measured reference values at ambient temperature (see Table A.10)
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b)

Figure A.22: a) Experimental stress-strain curves of bolts M30, grade 10.9 coupons tested at
20°C after heating up to 500°C, 600°C and 700°C and cooling — comparison to the tensile tests
results performed at ambient temperature (black curves); b) Comparison to standardized stress-
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Appendix B

B Experimental tests on beam-to-column joints
subject to localised fire and axial loads -

Additional information and results

B.1 Beam axial restraints in the real car park building

The realistic beam axial restraint provided by the part of the building not directly
affected by the localised fire and the loss of the column, is initially estimated by a simple
elastic analysis performed in Abaqus (2012). At the fifth floor, five column loss locations
are simulated, and Figure B.1 presents the configuration of the loss of the middle column.
A horizontal unitary load is applied at the beam-to-column connection level, at the end of
the sub-frame subject to the column loss, and the displacement is measured. This method
is described in Demonceau (2008).

Figure B.1: Lateral restraints to beam — configuration 3

Table B.1 presents the measured axial restraint stiffness K of the equivalent single spring
for each configuration of column loss. The smaller K is equal to 64.4 kN/mm. During the
experimental tests, two springs are applied at each beam end to have symmetrical
deformations, and the equivalent stiffness of each spring is equal to two times the stiffness

of the equivalent single spring calculated in Abaqus: 2K (128.8 kN/mm).
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Table B.1: Calculated axial restraint stiffness

Sub-frame Stiffness of the equivalent Stiffness of each spring at
single spring - K both beam ends - 2K
1 91.16 kN/mm 182.32 kN/mm
2 78.43 kN/mm 156.86 kN/mm
3 64.39 kN/mm 128.78 kN/mm
4 78.43 kN/mm 156.86 kN/mm
5 91.16 kN/mm 182.31 kN/mm

B.2 Strain gauges results from test 1 at ambient temperature

For test 1 at ambient temperature, strain gauges are located inside bolts, at 50 cm from
each beam end, on the column web and on the steel rebars in the composite slab (Figure
B.2).
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Figure B.2: Strain gauges used for the test 1 at ambient temperature

The bolts loads can be calculated from the measured strains ¢ (Eq. B.1), and Figure B.3

presents the evolution of the bolt loads zersus time.
F=exEX A, (Eq. B.1)

In Eq. B.1, ¢ is the measured strain, E is the elastic Modulus equal to 206 460 N/mm®
(estimation from the tensile coupon tests results - see Appendix A.3), and .4, = 561 mm” is
the bolt cross-section area. At the end of the test, two bolts failed on the left side; the first
one was instrumented, but it did not measured well, and the second one was not
instrumented. The bolt with the higher load (Figure B.3) corresponds to the bolt on the
right connection (row 4). The elastic limit is 523 kN (black horizontal line), and the
measured loads upper this value cannot be considered because of the strain gauge
definition, which is only valid in the elastic range of deformation. On the other hand, the
limitation of these strain gauges corresponds to 0.5 % (or 577.5 kN — blue horizontal line).
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700 5 ——F bolt L-Front - row 1
600 - —— F bolt L-Front - row 2
——— F bolt L-Front - row 3
S00 A,z\ ————— F bolt R-Back - row 2
400 Afu. ----- F bolt R-Back - row 3
e | | ! A1 0 sy L0l |- F bolt R-Back - row 4
300 & —-—--1st bolt failure (LEFT - front)
200 - S S L e 2nd bolt failure (LEFT - behind)
Strain gauge limitation
100 1 —— Elasticlimit
0 T ,
0 05 1 1.5 2 25 3 35 4145 5 55
-100 - e Time (hour)

Figure B.3: Loads into bolts calculated from the measured strain

Figure B.4 shows the measured strains in 5 points of the column web, corresponding to
the level of each bolt and of the steel rebars. Under the initial hogging bending moment
(0.3 hour - red curve), the compression is developed at the level of bolt rows 3 and 4, and
tensile loads are similar at the level of bolt rows 1 and 2. At the end (5h), under sagging
bending moment, only a small extension is measured at the level of bolt row 4, probably
due to the bolt failure.

Compression Tension

Rebars

Column - Extension (%)

-05 -04 -03 -0.

Figure B.4: Measured strains on the column web

Figure B.5 and Figure B.6 show the strains measured at 500 mm from the end-plate, on
the web, and bottom and top flanges of the steel beam. The sagging bending moment
cannot be estimated based on the strains because the load in the concrete component in

compression is not measured.
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Figure B.6: 500 mm from the connection right

Figure B.7 and Figure B.8 show the strains measured on the steel beam, at 2500 mm
from the end-plate (beams ends), on the web and on the bottom and top flanges.
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Figure B.7: 2500 mm from the connection right
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Figure B.8: 2500 mm from the connection left

B.3 Measured temperatures
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Figure B.9: Evolution of the temperatures during test 2 (R- right connection; L- left connection; fl.- flange

f.- TOW)
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Figure B.10: Evolution of the temperatures during test 3 (R- right connection; L- left connection; fl.-

flange r.- row)
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Figure B.11: Evolution of the temperatures during test 4 (R- right connection; L- left connection; fl.-

flange r.- row)
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Figure B.12: Evolution of the temperatures during test 5 (R- right connection; L- left connection; fl.-
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Figure B.13: Evolution of the temperatures during test 6 (R- right connection; L- left connection; fl.-
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Figure B.14: Evolution of the temperatures during test 7 (R- right connection; L- left connection; fl.-
flange 1.- row)

B.4 Additional pictures of the experimental tests

Figure B.15: Local deformation of the column web on the bottom part (level of the bolt rows 3 and 4)

under hogging bending moment (test 3 — 700°C and no axial restraint to beam)
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Figure B.16: Final deformation of the sub-frame under sagging bending moment (back view / test 3 —

700°C and no axial restraint to beam)

T'wo bolts failed

5

RFront-rd IQ

TEST 4 (failed

LFront-r4 LBack-rd
TEST 4 (deformed)

Figure B.18: Final deformation of the sub-frame (test 4 — 500°C and total axial restraint)
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b)
Figure B.19: a) Local deformation of the column web (view from the front side); b) local deformation of

the column flange left side (at the level of the concrete slab), view from the back; c) local deformation of the
column flange at the bottom part (test 4 — 500°C and total axial restraint)

Figute B.20: Local deformation of the flanges from the right beam (view from the back / test 4 — 500°C
and total axial restraint)

43mm

Figure B.21: Deformations of the joint (view from the front side / test 5 — 700°C and total axial restraint)
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- e

2) Beam rigt ) b) Beam left

Figure B.22: Deformed end-plates after disassembly the tested sub-frame (test 6 — 700°C and realistic
beam axial restraint)
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C Numerical benchmark examples

C.1 Introduction

The main objective is to validate the utilization of the Abaqus program for steel
structures subject to fire, using beam and shell elements. Two benchmark studies are
performed to gain confidence in the numerical results: Model A- a two-dimensional steel
sub-structure subject to a natural fire and Model B- a composite steel-concrete beam
simply supported subject to the standard fire ISO 834. The model A is calibrated from the
numerical results obtained by the program CEFICOSS and published by Franssen e al.
(1995), whereas the model B is based on the numerical results obtained by the program
VULCAN and published by Huang 7 a/. (1999).

C.2 Model A - Steel sub-structure subject to a natural fire

C.2.1 Description of the benchmark study

The natural fire test reported by Franssen ez a/. (1995) was carried out by British Steel in
collaboration with the Fire Research Station. A fully loaded, two dimensional steel
framework was tested in fire in a purpose-built compartment of typical size for office
accommodation. Dimensions of the steel framework were specified for a building of two
or three storey in height. The beam, 4550 mm long, with a universal beam section of 406 x
178 x 54, grade 43A, was bolted to two columns of 3530 mm tall, with a universal column
section of 203 x 203 x 52, grade 43A. M20 grade 8.8 bolts were used to provide improved
resistance to loss in strength at elevated temperatures. Columns were pin ended at the base
and extended above the beam. Autoclaved aerated concrete blocks were built between the
column flanges to protect the web from fire, but there were only considered to give
thermal insulation (non-composite behaviour). A concrete slab, which has a cross-section

of 1200 x 150 mm, was also represented because of its influence on the temperature
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distribution in the beam (non-composite behaviour). Lateral and sway instabilities were

prevented by a subsidiary framework specially designed for.

C.2.2 Material properties

All material properties used in Abaqus at elevated temperatures are based on EN 1993-
1-2 (2005). At ambient temperature, the yield stress f considered by Franssen e a/. (1995)
to simulate the experimental test is 408MPa. He also used a convective heat transfer
coefficient and an emissivity given by EN 1993-10 (1990), respectively equal to 25W/m’K
and 0.5. For the column flange facing the wall of the fire compartment, the emissivity is
taken equal to 0.3 to account for some degree of radiative shadowing (Franssen ez al.,
1995). The conductivity and the specific heat of the concrete slab are defined according to
EN 1992-1-2 (2004). The concrete blocks insulating the column have particular properties:
a density equal to 677kg/m’, a constant specific heat of 1050]/kgK and a thermal
conductivity given by 0.20 + 0.0004 68, W/mK, where 6, is the concrete temperature

(Franssen ez al., 1995).

C.2.3 Heat transfer analysis

The heat-transfer problem analysed in Abaqus involves conduction and boundary
radiation. The two models (beam and column) are developed using 2D deformable
elements DC2D4. The applied temperatures correspond to the gas temperature measured
during the experimental test. Figure C.1 shows the evolution of the temperatures in flanges
and in web centroid of a) the beam section and b) the column section. Numerical results
obtained by Abaqus show good agreement with the measured temperatures, as well as with
the computed temperatures of CEFICOSS.

900 - 1000 ~
800 - o 20
700 - < 800 7
8 600 - E; 700
£ 500 - g, 600~ o
g £ 500 - s —
g 400 + = 400 - Outer flange
€ 300 -
= 300 +
200 + 200 -
100 +
O * T T T T Tlmle (m1n|) 0 £ —— Tlme (mln)
0 5 10 15 20 .25 30 0 5 10 15 20 25 30
—Gas —+-HExperimental —Gas - Experimental
——CEFICOSS — Abaqus ——CEFICOSS Abaqus
a) b)

Figure C.1: Temperatures a) in the beam and b) in the column
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C.2.4 Static, general analysis

Figure C.2a presents the steel frame structure for which symmetry conditions are
considered. Two dimension beam elements type B21 are used to define the beam and the
column. As the concrete slab and the concrete blocks in the column only provide thermal
boundary conditions for the temperature, they are not modelled in the structural analysis.
According to Cooke and Latham (1987), during the experimental test, no relative rotation
at the connection occurred and the temperature around the connection remained lower
than elsewhere in the compartment during the fire. It is then allowed to suppose a rigid
beam-to-column connection. In order to represent the restraint offered by the secondary
steelwork, a bi-linear spring is modelled with nonlinear force-displacement behaviour
(Franssen et al., 1995) (Figure C.2b).

P1=552kN
P2 P2 =39.6 kN
Y 24kN/m
%mwmmw l 100
950 86 kN
75 1
2378 =
o i~
o 3
3 3 g%
® 8
25 K = 6700 kN/m
\ Displacement (mm)
0 . T : -
0 10 20 30 40 50
a) (mm) b)

Figure C.2: a) Reference frame; b) behaviour of the spring

The mechanical loads are applied at ambient temperature and maintained constant
during the fire. They corresponds to the self-weight, a vertical load on the column equal to
552 kN (P1), two vertical loads on the beam equal to 39.6 kN (P2) and a uniform loading
of 2.4 kN/m distributed along the beam to represent the self-weight of the concrete slab
(Figure C.2a). Thermal loading is specified as a predefined field and temperatures are
specified at three specific points through the 2D section, the i) centroid of the top flange;
1) centroid of the web and iii) centroid of the bottom flange (Abaqus, 2012). Because the
measured temperatures of the combustion gases were slightly lower in the vicinity of the
beam-to-column connection (Franssen ez al, 1995), the beam has also a temperature
variation along its length from ¢, at beam mid-span to 0.9 0, near the connection (Santiago
et al., 2009).

C.2.5 Reference case: behaviour and validation of the numerical model

The model of the reference structure (Figure C.2a) is validated by comparing beam mid-
span vertical displacements, beam axial load and column lateral displacements with the
experimental and CEFICOSS results. Figure C.3 a) and b) show respectively the vertical
displacement at the mid-span of the beam and the axial compression force in the beam. A

good agreement between both software results is observed. The fire resistance calculated
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by Abaqus is about 20minutes (min.), which is closed to the 19min. obtained by
CEFICOSS. The evolution of the lateral horizontal displacement at column mid-height is
shown in Figure C.3c. Due to the elongation of the beam, the column bows laterally up to
the buckling at about 19-20min.

The complete frame is also modelled assuming the presence of two springs. According
to Franssen ¢f al. (1995), an initial lateral imperfection of 0.8 H /1000 is considered, where
H_ is the column height. The failure mode is exactly the same than for half of the frame
(Figure C.4c), and the fire resistances are very close, so satisfactory results are obtained by

simulating only one half of the frame.
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Figure C.3: a) Vertical displacement of the beam; b) calculated axial force in the beam; c) calculated

horizontal displacement at mid height of the column

C.2.6 Influence of the axial restraint to beam

Mainly due to the axial restraints, the beam cannot expand with the increasing of
temperature, leading to the development of axial compressive forces. In order to see if the
frame stability is influenced or not by these restraints, half of the frame and the complete
frame are modelled without springs. The fire resistance of half of the frame is increased of
3% for the Abaqus results and 2% for the CEFICOSS results without lateral restraints in
comparison to the reference case with lateral restraint. The axial compression load in the
beam is shown in Figure C.4a for the two frames, restrained and unrestrained. Results of
Abaqus are close to the CEFICOSS ones, and it is shown that the fire resistance remains
the same with the two different beam axial loads. However, when the entire frame is
modelled without any lateral restraints, the failure mode is completely different due to the

initial imperfections introduced in columns (Figure C.4b and c).

184




Numerical benchmark examples

140 - -
9 Restrained
g 120 + 7S
(S} P D
g =100 - ’ >
£ I- - CEFICOSS
S e 80 " — Abaqus i
S ‘© 40 - nrestrained
B 20 4 p S
© o P Time(min)

0 5 10 15 20 25

2) b) ©)
Figure C.4: a) Calculated axial force in the beam of the half of the frame; calculated failure mode of the
sway frame (scale of displ. 4/1): b) with / ¢) without lateral restraints

C.2.7 Influence of the frame continuity

The influence of the frame continuity is studied simulating the beam and the column on
their owns. For the beam considered on its own, at ambient temperature, bending moment
and horizontal force are introduced by the column at the extremity of the beam (Figure
C.5a). The fire resistance calculated by CEFICOSS is 15min. 30seconds (sec.), against
18min. 52sec. for Abaqus, which gives a difference between both software equal to
21.72%. For the column considered on its own (Figure C.5b), effects of the beam are taken
into account by applying bending moment and vertical force at the top of the column.
CEFICOSS and Abaqus obtain fire resistances of at least 30min. The lateral displacement
behaviour of the column as a separate member is presented in Figure C.5¢ and compared
to the behaviour of the column modelled as part of the frame. It is shown that modelling
the column on its own provides completely different results of the behaviour of the
column and the fire resistance time. It remains safe until the end of the analysis, against the

failure at t = 20min. observed at the complete frame.
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Figure C.5: 2) Beam and b) column considered on their owns; c) calculated horizontal displacement at mid
height of column
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C.2.8 Influence of the thermal expansion

The total thermal expansion from a reference temperature is defined by the thermal
expansion coefficients, which generate thermal strains. The influence of the thermal
expansion on the fire resistance of the frame is tested by modelling the initial structure
represented in Figure C.2a, without any thermal expansion coefficients. The Abaqus results
reinforce the conclusion of Franssen ez 4/ (1995), saying that the expansion coefficients

have a significant effect. Indeed, without expansion coefficients:

1. The fire resistance increases from 19min. 51sec. (reference case) up to the end
of the analysis — 30 min. and probably more because of the cooling of the steel
as the fire decays (Franssen ez al, 1995). However, because no experimental
temperatures were measured after 30 min., the numerical analyses are also
limited to this time.

i.  The axial compression load in the beam increases much less from a maximum
value of 116.5kN after 12 minutes (ref. case) to a maximum value of 17kN after
18 minutes. The value at ambient temperature stays constant and equal to 7kN;

ii.  The lateral displacement of the column decreases because of the absence of the

thermal expansion of the beam that was pushing the column outward.

Abaqus obtains results quite close to the CEFICOSS ones. The higher difference (20%0)
is in the maximum axial compression load value in the beam: CEFICOSS have 21kN after
17 minutes, and Abaqus 17kN after 18 minutes. However, the stability of the frame is few

influenced by the axial force, as it was confirmed in §C.2.7.

C.2.9 Influence of non-uniform temperature

Uniform temperatures throughout the beam and column cross-sections are calculated
using the simplified calculation method proposed in EN 1993-1-2 (2005) (EC3). In Figure
C.6a, the uniform temperatures (EC3) are compared to the mean temperatures calculated
by the heat transfer analysis in Abaqus. They are higher because the heat transfer from the
steel to the concrete is not considered by the simplified calculation method. Figure C.6b
shows the vertical mid-span displacement of the beam for three different applications of
the cross-section temperatures. The uniform temperature calculated using EC3 method
leads to conservative results (premature failure) while the Abaqus average temperature

leads to unsafe results (no failure is observed until the end of the analysis).

186



Numerical benchmark examples

1000 - o — B
800 - _Beam S 140 | —CEFICOSS (gradient) s
¥ ST S — Abaqus (gradient) |
E,/ 600 - ,.g 120 q-- Abaqus (uniform) ! []!
£ 400 - g S 100 J--Abaqus (mean) ,’ ........
£200 1 , , g 8E60 - /i
=0 - Time (min) ;E o.ad 40 - i
0 5 10 15 20 25 30 = 90 =
—Gas o 7 Time (min.)
- - Uniform temp. ° 0 I ‘ )
—Mean temp. 20 0 5 10 15 20 25
2) b)

Figure C.6: a) Calculated uniform and mean temperatures; b) vertical mid-span displacement of the beam
with the uniform (EC3), average and gradient of temperatures

C.3 Model B — Composite steel-concrete beams

C.3.1 Description of the benchmark study

The benchmark example is based on the paper published by Huang e /. (1999) in
which they showed the good computational stability and efficiency of a new model of shear
connectors implemented in the software VULCAN. The verification is carried out against
the experimental results obtained from four simply supported composite beams tested at
ambient (Chapman and Balakrishnan, 1964) and high temperatures (Wainman and Kirby,
1988). The influence of the composite action degree was studied, simulating: a full
interaction, a partial interaction and no interaction.

This appendix only presents the Abaqus results for one composite beam at ambient
temperature (A3) and one composite beam subjected to the ISO 834 fire curve (test 15).
The complete benchmark study is presented in Haremza ez a/. (2009). The composite beam
A3 has a steel yield strength and a concrete compressive strength equal to 302MPa and
27MPa, respectively. The composite beam of test 15 has a steel yield strength and a
concrete compressive strength equal to 255MPa and 30MPa, respectively. The yield
strength of the reinforcing steel is equal in both tests to 600MPa. All material properties
used in Abaqus are based on EN 1994-1-1 (2004) at ambient temperature and on EN
1994-1-2 (2005) at elevated temperatures. Geometrical and loading conditions are
illustrated in Figure C.7. Loads are applied at ambient temperature and maintained constant
during the fire in test 15.
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Figure C.7: Details of composite beams a) tested at ambient temperature and b) subject to fire

C.3.2 Numerical model

The composite beam is modelled using 3D beam elements B31 for the steel beam and
3D shell elements S4R for the concrete slab. Steel reinforcements are specified in the shell
element by adding layers of reinforcement within the virtual thickness of the shell element
at specified depth and angle of orientation (Abaqus, 2012). The composite action between
beam and shell elements is modelled according to the composite action degree. The full
interaction between steel and concrete is modelled using a Tie constraint. The partial
interaction is modelled by connector elements situated at each stud position along the
beam. The connector element is defined by a Radial-Thrust connector, which provides a
connection between two nodes where the response differs in the radial and cylindrical axis
directions (Abaqus, 2012). A rigid behaviour of the connector along the vertical thrust
direction is imposed, while the behaviour along the radial direction is defined by the shear
stud behaviour. The force-slip-temperature characteristic of a 19 x 100 mm headed stud
was experimentally studied by Kruppa and Zhao (1995). An empirical formula given by
Eq.C3.1 fits the experimental curves at all temperatures (Huang ez a/., 1999):

P=P, AlLO-¢®) (Eq. C3.1)

Where P is the longitudinal shear force developed in the headed shear stud at a slippage
of A (in mm); P, is the shear resistance of the headed shear stud at ambient temperature; .4
and B are temperature coefficients, with respectively values between 0.1 and 1, and
between 0.5 and 2.0. The zero interaction between steel and concrete is simulated by

imposing a completely flexible behaviour in the radial direction of the connector elements.

C.3.3 Results of the composite beam (A3) at ambient temperature

The mid-span deflections obtained for each composite action degree and calculated by
Abaqus are presented in Figure C.8 a) and b). The results are compared to those obtained
by VULCAN and those measured during the experimental tests. A good approximation is
shown between the results of both software. The average difference of the Abaqus results
in comparison with VULCAN in term of the maximum load applied is equal to 4.18%. It
can be observed that the connector elements used in Abaqus to model the shear studs

between steel and concrete correctly simulate their behaviour at ambient temperature.
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Figure C.8: Comparison of measured and calculated mid-span deflections of beam A3
C.3.4 Results of the composite beam (test 15) subject to fire

C.3.4.1 Heat transfer analysis

The temperature distribution throughout the steel beam and the concrete slab cross-
sections are predicted for the ISO 834 fire curve using the heat transfer analysis in Abaqus
and are shown in Figure C.9a) and b) respectively. Temperatures are shown in three points
in the steel cross-section and in seven points through the concrete slab (at top, bottom and

each 22 mm).
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Figure C.9: Temperatures a) in the steel beam and b) in the concrete slab

C.3.4.2 Static, general analysis

In the static analysis, temperatures are specified as predefined fields into specific points
through the section of the 3D steel beam: i) two points in the top flange; ii) centroid of the
web and iii) two points in the bottom flange (Abaqus, 2012). The number of points
defining the temperature gradient through the shell element can be chosen and
temperatures are defined into seven points. Only one amplitude curve defining the
evolution of the temperature in function of time can be introduced for each section type.
The mid-span deflections obtained for each composite action degree and calculated by
Abaqus are presented in function of the applied load in Figure C.10 a) and b), and are
compared with the ones obtained by VULCAN and the ones measured during the
experimental tests. The results obtained by VULCAN for the full and partial steel-concrete

interactions show a similar behaviour because no failure of the shear studs occurred due to
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the low loading level, so they are represented by a unique curve. The Abaqus model
simulating a full steel-concrete connection using the Tz constraint shows a good
correlation with the VULCAN simulations (Figure C.10b). Temperatures obtained at the
end of the fire are equal to 750°C for VULCAN and 808.8°C for Abaqus.

0 0
1000 c 1000
€ 50 1 £ 0 T
E =
g, foo, 5
3 Q2
K} ©
© -150 0-150 ]
a c
g . . . g - - - VULCAN_Full interaction
200 || = — Megsured — £20 7 —— ABAQUS Ful interaction % . ]
) ) A

2 - & - VULCAN_Partial interaction = - -k - VULCAN_No interaction

2501 - ] 250 o —

—— ABAQUS _Partia interaction ——— ABAQUS Nointeraction
-300 -300 .
Temperature Beam Bottom flange (°C) Temperature Beam Bottom flange (°C)
a) b)

Figure C.10: Mid-span deflections of test 15

The partial steel-concrete connection modelled in Abaqus using connector elements
approximates quite well VULCAN and the experimental results as shown in Figure C.10a.
The three maximum temperatures obtained by the experimental test, VULCAN and
Abaqus are close to each other. Figure C.10b also shows a quite good approximation
between Abaqus and VULCAN simulations for the case of no interaction. VULCAN and
Abaqus obtain maximum temperatures equal to 761°C and 640°C, respectively.

C.4 Concluding remarks

The objective of the work presented in this appendix was to validate the numerical
program Abaqus for analysis of steel and composite steel-concrete structures subject to
fire. Two types of structures were analysed: A) a two-dimensional steel sub-structure
subject to a natural fire; B) two composite steel-concrete beams simply supported, one
tested at ambient temperature and another subject to the standard fire ISO 834. The model
A was calibrated from the numerical results obtained by the program CEFICOSS and
published by Franssen ef al. (1995), whereas the model B was based on the numerical
results obtained by the program VULCAN and published by Huang e a/. (1999).

For the first steel sub-structure model (A), the Abaqus performed quite well the heat
transfer analysis to obtain the temperature distributions in structures, with an average
percentage difference between Abaqus and CEFICOSS at about 5%. The Abaqus also
showed a good ability to simulate steel structural behaviour under fire conditions using
beam elements. An average percentage difference at about 6% between Abaqus and
CEFICOSS was registered for the fire resistance.

For the second composite steel-concrete beam model (B), the results obtained by

Abaqus were slightly different from those obtained by VULCAN, because no specific steel-

190



Numerical benchmark examples

concrete connector elements are provided in Abaqus. However, Abaqus showed quite a
good ability to simulate composite structural behaviour at ambient temperature and under
fire conditions using beam and shell elements. The global behaviour of the composite

beam in Abaqus is quite good modelled and the stud failure is easily approximated.

The numerical program Abaqus was validated for analysis of steel and composite steel-
concrete structures subject to fire and modelled with beam and shell elements. This
validation was used to develop simple models of the car park building and the specimen to
be tested in the laboratory in order to get preliminary results for the experimental tests

preparation (see Appendix D).
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D Numerical preliminary studies

D.1 Simplified model of the car park structure

A 2D simplified model of the car park structure was performed in Abaqus in order to
estimate the bending moments at joint under usual utilization of the building (service limit
state). Beam elements are used to model the beams and the columns (Figure D.2); for the
beams, cracked and un-cracked flexural stiffness is considered at the joints zones and at
mid-span, respectively. No initial imperfections are applied, but geometrical and material

non linearities are considered.

SM, SM1 . - = - - o i

(Avg: 759%)
+4,447e+08 i 7 B 1" Ir —
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Figure D.1: Simplified model of the car park structure (beam elements) to study the bending

moment values under accidental combination of actions (scale x 30)

D.2 Simplified sub-structure modelling to prepare the

experimental tests

D.2.1 Overview

Preliminary numerical simulations are performed in Abaqus in order to estimate the
global behaviour and the reaction forces of the tested sub-structure in the laboratory. Beam

and shell elements are respectively used to model the beam and the column, and the
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concrete slab (Figure D.2). No initial imperfections are applied, but geometrical and

material non linearities are considered. Materials temperature dependent properties are
defined according to EN 1993-1-2 (2005) and EN 1992-1-2 (2004). The thermal expansion
coefficient is defined constant equal to 1.4 x 10° /°C and 1.8 x 10° /°C for steel and

concrete respectively.

Connector elements

Concrete slab

Figure D.2: Simplified model of the sub-structure to be tested

A first heat transfer analysis is performed in order to obtain the temperatures into cross-

sections: the ISO 834 fire curve is used (the ceramic pad heating elements were not yet

defined at the time of the simulations). The obtained temperatures are shown in Figure
D.3, and the time when the beam bottom flange reaches 500°C or 700°C is shown.
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e I e /
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Figure D.3: ISO 834 fire up to 500°C and 700°C: a) Temperatures in the beam section, b)

temperature in the column section

Table D.1 presents the detailed results for the verification of the laboratory material

capacities. The three main loading sequences are considered: 1- initial hogging bending

moment, 2- temperature increase, 3- loss of the column and increase of sagging bending

moment.
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Table D.1: Check of the actuator, hydraulic jack and load cell capacities based on FEM results

FEM max.
values Material capacity
Check of the hydraulic cylinder A in the spring
restraint
Total horizontal displacement of the beam (tension+
compression) 20.03 168 OK
Horizontal reaction of the beam - Compression 14 435 OK
Horizontal reaction of the beam - Tension 743 933 OK
Check of the hydraulic jack B

Vertical force applied 903 1000 OK
Vertical displacement 145.45 280 OK

Check of the load cell at the column C
Axial force in the column (kN) 388 1000 OK

® ®

@ |y

D.3 3D numerical model of the composite bolted beam-to-

column connection

D.3.1 Validation of the contacts modelling and solid elements types

Figure D.4: Example from Yu et al., 2008: a) Solid C3D8R elements, b) Solid C3D10M (224 order)

elements

80
70 4
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g 50 -
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g 39 | —C3D8R
'§ 20 - —C3D10 1st order
S 10 1 —C3D10M 2nd order
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Figure D.5: Force — displacement relations for various solid elements with bolt in tension
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D.3.2 Validation of the composite slab model with rectangular rib
shape

The simplification of the slab’ ribs model with a rectangular shape allows the
simplification of the mesh, by avoiding ‘diagonal sides’ and distorted elements initial
shapes. Figure D.6 depicts the applied load versus the vertical displacement of the joint for
test 1, and shows that no difference is observed between both FEM models; so the
simplified modelling can be considered.

600
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= 400
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= ¢ 100 . .
g g 0 _ Vertical displacement (mm)
F 59 25 50 75 100 125 150
=
g 20 — Experimental Test
=3 —FEM (rectangular shape)
-400 - - FEM (real shape)
a)

Figure D.6: Effect of the shape of the slab’ ribs; a) Applied load - vertical displacement; b) FEM
model with real shape of the ribs

D.3.3 Simplified joint temperatures used in FEM model (tests 3 and 6)
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Figure D.7: Temperatures applied in the FEM model of test 3 (700°C — no axial restraint to

beam) in steel beam (near the connection and at 50 cm from the connection), column and concrete.
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Figure D.8: Temperatures applied in the FEM model of test 3 (700°C — no axial restraint to

beam) in end-plate (EP), and bolts rows (1) 1, 2, 3 and 4.
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Figure D.9: Temperatures applied in the FEM model of test 6 (700°C — spring axial restraint to

beam) in steel beam (near the connection and at 50 cm from the connection), column and concrete.
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Figure D.10: Temperatures applied in the FEM model of test 6 (700°C — spring axial restraint to

beam) in end-plate (EP), and bolts rows (1) 1, 2, 3 and 4.
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E Analytical developments

E.1 Rotation and displacement of the steel connection FJ03 at

failure

The failure of the connection is assumed when the forces in the rows cannot increase
anymore except in one row 4; it is supposed that this failure is reached when the last row
(other than row £) reaches its ultimate resistance Fry (Cerfontaine, 2004); Figure E.1 shows
the idealized F-displacement behaviour of a ductile component. Cerfontaine (2004)
provides a simplified method to define the rotation of steel connections at failure, as well

as the corresponding ultimate failure mode. The method is divided in three steps:

1- Choosing an eccentricity value ¢ = Mgy/Ngg;

2- Finding the point on the M/N curve corresponding to the eccentricity ¢ and
determining the corresponding load distribution in the connection;

3- Based on this distribution, the rotation and displacement of the connection can be

found.

The reference point is considered at the centroid of the steel beam (see chapter 5,
section 5.2.2).

Ael ARd

Figure E.1: Idealized Force-displacement curve of one component with infinite ductility
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E.1.1 How to find a particular point on the M-N curve and the
corresponding load distribution

It is possible to determine the load distribution in the connection for any given
eccentricity value ¢ (¢ = Mgy/Ngq) without drawing the entire M-N curve. This method is
iterative, and depends on two remarkable points of the curve that are easy to define; they
are characterized by ¢; and ¢,, with ¢; depending on (M, .., Nyimax) 9 Mimin, Nymin) and e,
depending on (Mymax> Nimax) 0 Mimins Nmin)- Maximum or minimum values are chosen
depending of the considered quadrant of the chart of the M-N curve. Based on these two
points, the load distribution in the joint under ¢ can be defined by an iterative process from

the closest remarkable point, and the variation of load in row £ is defined by (Eq. E.1).

ei-¢

AFk:—Nk E

(Eq. E.1)
The method proposed by Cerfontaine (2004) is illustrated by its application to the steel

joint FJ03 (described in chapter 5), under a load distribution in the connection defined for ¢

= 1000 mm. Sagging bending moment is considered. The interaction between shear and

axial load for the resistance of the column web is taken into account in the calculation.

Unity u and common reference

Cerfontaine (2004) defines a unity # and a common reference & for all the M-N curves

in order to localize any eccentricity ¢ on the curves:

Mmax (0fMy 2
u=e,= —————= (O i) , 0=arctg (—”) and o, =45°C
Nmax (0f Nimin) ¢ v

Three remarkable points under sagging bending moment

The three remarkable points of the M-N curve under sagging bending moment (N,

N and M5 ) can be easily calculated (load distributions in the connection is detailed in

Table E.1):

- The maximum sagging bending moment is easily found by loading all the rows in
tension that are located where 4; < 0 (see Table 5.2):
M, =595%145-297X-90 = 113 kNm, Ny = 299 kN and ¢y, . =378mm
- Maximum compressive axial resistance:
N, = 605 + 605 = 1210 kN, My{.. = 0 kNm and ¢, =0
- Minimum tensile axial resistance:
Noin = -279 297 = -575 kN, Mymin = 2 kNm and ¢f;, ;. =-3mm

If the compression side of the M-N curve is considered, the unity is equal to
My, _ 113

” 93
e,.=——=—= 93 mm, and a.=arctg (—) = arctg (—) = 5.3°
Npax 1210 ¢ 1000
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The references are:
N 93
o M=arctg (—3)2 -88°

Nin . M ]
\I+ . 93 - min, max
O(,L max:arctg (%78):140 9 O(ee [O( S

+

Nimax 93
o "=arctg (H) =00

-

The corresponding M-N point (for ¢ = 1000 mm) is between the maximum value My,

.. + ..
and the minimum value N . The neutral axis is located between rows 2 and 3 for
+

F (M,...), and above row 1 for Fr (Nin) (see Table E.1). As «, is closer to ocMmaX, the

calculation starts from F' (M, ). The position of the neutral axis should go up, so row 2
is loaded in tension: &£ = 2, b, = 90 mm, N,= Nyima = 299 kN, and ¢, = 378 mm. From
(Eq. E.1), the force to be applied in row 2 is found, and corresponds to:

AF,=-N, 72 = -299 W = 204kN > Figy, = -279 kN

90-1000

So the resistance of row 2 is not reached, and the load distribution if found

(equilibrium); the calculation stops.

Table E.1: Load distribution in the connection for the three M-N remarkable points of the M-N

curve (sagging bending moment) and for the point ¢ = 1000 mm

Row  A(mm)  F' (NS F' (=1000mm) F (ML) F (NH

1 145 0 595 595 605
2 90 -279 -204 0 0
3 90 297 -297 297 0
4 145 0 0 0 605
M (kNm) 2 94 113 0
N (kN) 575 94 299 1210
e (mm) 3 1000 378 0
o (%) -88 53 13.8 ©

The resistance of the column web in compression in row 1, Ff{d 7, 1s then checked
considering the interactions between axial and shear loads (see section 5.2.2.3). Final values

are given in Table E.1 for ¢ = 1000mm.

E.1.2 How to determine the rotation and failure mode

The rotation of the connection can be deducted from the displacements of two rows

that are known at failure:

- The displacement A of row £,

- The displacement AR of the last row (other than row £) that reaches its ultimate

resistance.
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The other activated rows have already reached their ultimate resistance and their

displacements can be equal or higher to the displacement AR (Figure F.1 , based on the
p q g p g

assumption of infinite ductility.

The analytical method of Cerfontaine (2004) allows to deduce the rotation of the
connection, as well as the failure mode, for any eccentricity value (¢ = M4/ Ngq), based on

the load distribution in the connection. The displacements of each row A; can be
determined by (Eq. E.2) and (Eq. E.3).

IfF, < Fyp, A = —- (Eq. E.2)

b
[§]
Ko (E) (Eq. E.3)

i

If Fo; < F < Fryj A =

Where F; is the load in row 7 Ki;, is the initial stiffness of row 7, F; is the elastic

resistance of row 7, Fgy; is the ultimate resistance of row 7 and 0 is given by (Eq. E.4).

In Fraji

T Rd
f=— (Eq. E.4)
In eli

Fraji

Where AiRd corresponds to the displacement of the row once it reaches its ultimate

resistance:
Rd F R F
AT 2 S = Dypacpa e+ Lt gt ™ 507 (Eq. E.5)
Kiini(ﬁ)

Where coefficients « are the basic components of row 7 and ¢ is given in EN 1993-1-8
(p = 2.7 for bolted connections). So Eq. E.5 considers the deformation of each basic

component of the row.

The prediction of which row (other than row £) reaches its plastic resistance as the last
one is made based on the calculation of various theoretical rotations of the connection by

(Eq. E.6): for each row 7 (other than row £), the theoretical rotation of the connection is
estimated based on the displacement AiRd of this row at failure, and on the displacement

Ay of row 4.

_ AN

i= Eq. E.6
P = =120 (Eq. E.0)
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The horizontal displacement at point /=0 (reference axis) can be calculated for each row

that reaches its ultimate resistance:
Ai,k:Ak_/]kxgﬂi)k (Eq E7)

Finally, the final connection rotation at failure ¢, and the displacement of the reference

point A, correspond to the maximum rotation ¢, and displacement A;:

AR A
cp:max(npi’k)zmax< hi—hkk ) (Eq. E.8)
A=max (A )=A-hXp (Eq. E.9)

Finally, the position of the neutral axis can be deducted by (Eq. E.10), and the
displacements of each row at failure are found by (Eq. E.11).

ARd

M= — (Eq. E.10)

gﬂRd

A=AthXy (Eq. E.11)

The method is illustrated for the considered example with ¢ = 1000 mm. Table E.2

presents the elastic and ultimate resistances, as well as the stiffness coefficients of all the
basic components of row 2. Row 2 has already reached its elastic resistance F; = -204 kN
> F,=2/3%(-279)=-186 kN, but not yet its ultimate resistance, so that the deformation of
the row can be defined by (Eq. E.3):

+
In FRrdp
+ Rd
_ F, _ Koini A
A, = i 0> where (= ———
AP Fel2
Kainil = Inr
) Frd2

Table E.2: Resistances and initial stiffness of the components in row 2 (sagging bending moment)
EPB  CFB BT CWT BWT
Pgl’“ -186  -245 245 -382  -690
F};‘d’“ -279  -368  -368  -573  -690
£, 11.9  26.6 8.3 4.3 0

The initial stiffness of row 2 is given by:

mmz
Ky = /00 — 444 kN/mm

KEPB ACFB #BT #CWT ABWT
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The displacement at failure is calculated by:

AR 4 N H
2 1EPB 2 1,CFBy 27
ZlOkN/mmZXkEpB<2T> 21OkN/mm2><kCFB<2T)
%) )
FRd Rd Rd
+ 2 2 2

=-1.27 mm
FEIBT 27 210KN/mm2Xkewy  210kN/mm2X gy
210kN/mm2><kBT FTd
2

Then from (Eq. E.4):

=+
In Rd’sz 1 — 20 +
K2 ini A2 ad x1.27 F, -204
e: lri = :l.73 and AZ = 0 = 1.73 :—0.541’1’11’11
I Felo 120 Ft, 444(-186) 3
n—"— 279 Koo =k o
FRd,Z 2,ini F; 279

The displacements at failure Aﬁd’i of each row are given in Table E.3. For the load
distribution corresponding to ¢ = 1000 mm (see Table E.1), two solutions have to be
considered: row 3 or row 1 is the last row to fail. The last row that fails provides the

highest rotation; both solutions are drawn in Figure E.2 a) and b) respectively.

Table E.3: Resistances and initial stiffness of the components in row 2 (sagging bending moment)

by K F; FRaj Ad; A; 0
mm kN/mm kN kN mm mm
1 144.65 686 397 595 0.58 3.06 3.11
2 90 444 -186 -279 -0.42 -1.27 1.73
3 -90 444 -198 -297 -0.45 -1.35 1.73
4 -144.65 686 403 605 0.59 3.11 3.11
1— 145 — 3.06mm 1— 145
2—90 k -0.54mm 290 H-0.54mm
—0 L -6.56mm —0 F-0.95mm
-12.6mm
3—-90 M 390 | -135mm
-16.2mm
4 145 445 L
3.06-(-054) _135(0.54) _
2= Tese0 =67 mrad 30 o090 4.5 mrad
Ay ,=-0.54-90% g01’2:—6.56mm Az ,=-0.54-90% g03’22—0.95mm
a) b)

Figure E.2: Possible rotations at the connection failure: a) if row 1 is the last row to reach the

ultimate resistance, b) if row 3 is the last row to reach the ultimate resistance

The rotation defined by row 3 (Figure E.2b) leads to all the rows in tension and this

solution is rejected. The failure is defined by the maximum rotation obtained in row 1
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(CWC): once this row fails, all the other activated rows have already failed (Figure E.2a), so
that the failure mode is defined by the column web in compression, the connection
rotation is ¢ = 67 mrad, and the displacement at the reference point is A = -6.56 mm.
Table E.4 provides the displacements of the four rows. The position of the neutral axis can

AR 656
be deducted: Aft=- == =- =22 =98mm.
@ 0.067

Table E.4: Rotation and horizontal displacements at the reference axis in each row

M+ bi F1 ('Pi,Z Ai,2 Ai

Row (mm) (kN) (rad) (mm) (mm)
1 144.7 595 0.0669 -6.56 3.11
2 90 -204 - -0.54 -0.54
3 -90 -297 0.0045 -0.95 -12.59
4 -144.7 0 - - -16.24

It is important to note that the rotation of the connection calculated here depends on

A, =-0.54 mm, which depends on the distribution of the loads in the group of rows 2 and
3. This distribution is obtained in order to reach the maximum sagging bending moment by
optimizing the distributions of the loads amongst the bolt rows. Once the rows have
already reached their ultimate resistance, the load distribution can continue to evolve

between these rows. This phenomenon would lead to higher rotation of the connection.

E.1.3 Example of a connection with four bolt rows

This method was also applied to the steel connection defined by the composite joint
without the composite slab SFJ (Figure E.3). It seems that more development of the
method to solve the problem of load distribution in a bolt group should be provided. An
example is given here for ¢ = 600 mm under sagging bending moment: the corresponding
distribution of loads is shown in Table E.5. Only one row is loaded in tension (row k =
row 5) and only one row in compression (row 1); so the failure mode is defined by CWC
(row 1). The rotation of the connection defined according to the Cerfontaine method (8.5
mrad) provides MR =492 mm (the neutral axis is located above the reference axis) and
negative displacements A; of row 4 are obtained: for this rotation, this row should be
activated in tension, which does not correspond to the load distribution defined for e =
600 mm. Loads in group of rows 4 and 5 should be distributed in a different way. No

solution can be found.
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HEB 300
1(C)
2 (T)
3 (T) 5
IPE 550 — - 4+ - — . —{ li_T Rcfcr_cncc
axis

M30 10.9

6 (C)
Figure E.3: Flush end-plate steel joint (SF])

Table E.5: Distribution of loads, rotation of the connection and horizontal displacements of each

row for e = 600 mm

b Fo %s A A

Row mm kN rad mm mm
1 (CWC) 266 1406 0.0085 -0.42 1.85
2 (EPB) 210 0 -- -- 1.37
3 (EPB) 130 0 -- -- 0.69
4 (EPB) -130 0 -- -- -1.52
5 (EPB) -210  -579 -- -220  -2.20
6 (CWC) -266 0 -- -- -2.68
M (kNm) 496
N (kN) 827

E.2 M-N behaviour of composite steel-concrete joint CF]J

Table E.6: Components and group resistances (kIN) under M~ (top row in tension)

Compression Tension
Row b (mm) | CSC| CWC |BFC|CFB |EPB|CWT | BWT | BT | RT
1 C 370 1331 1430
2 T 371 565
3 C 266 1406 | 2723
4 | T 210 899 | 651 | 1629 | 1695 | 1054
5 T 130 899 | 603 | 1629 | 1524 | 1054
45| T 1552 | 861 | 2135 | 2174 | 2109
6 T -130 899 | 603 | 1629 | 1524 | 1054
56 | T 1802 | 1219 | 3272 | 3078 | 2109
46 | T 2454 | 1476 | 3777 | 3728 | 3163
7 T -210 899 | 651 | 1629 | 1695 | 1054
6-7 | T 1552 | 861 | 2135 | 2174 | 2109
57| T 2454 | 1476 | 3777 | 3728 | 3163
47| T 3107 | 1734 | 4283 | 4378 | 4218
8 C -266 1406 | 2723
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Table E.7: Resistance of row 1 Fg4; under hogging bending moment varying with the thickness g
of the concrete slab in compression (when the neutral axis is going down, the thickness g and the

lever arm /; are reducing)

b =4 be! b Fracse  Fracwe Frap =

(mm) (mm) (mm) (mm) (kN) (kN) min (Frqcscs Fracwe)

370 71 34 37 1331 1430 1331
RO‘;“;?nand 365 625 255 37 1172 1406 1172
compression 361 54 17 37 1012 1380 1012

357 455 85 37 853 1355 853

353 37 0 37 694 1328 694
Rowlbin 348 27.75 0 2775 520 1300 520
compression 343 185 0 185 347 1270 347

339 925 0 925 173 1240 173

Table E.8: Distribution of internal loads in the joint along the M-N curve under hogging bending

moment
a b' c' d ¢ f g h' i j'
Ro b | All | 025]075 | 1in | 2in | 225|275 | 3in | 4in | 5in | 6in | 7in | 8in | 9in
w | % Rdi | inC |inT |inT| T T |inT |inT | T T | T T | T T
1 F | 1331|1172 | 853 | 694 | 694 | 520 | 173 | 0 0 0 0 0 0 0

n 370 | 365 | 357 | 353 | 353 | 348 | 339

371 565 0 0 0 0 |-565|-565 | -565 | -565 | -565 | -565 | -565 | -565 | -565 | -565

210 | 651 0 0 0 0 0 0 0 0 0 |-651|-651|-651 | -651 | -651

2
3 | 266 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 0 0 0 0 0 0
4
5

130 | 210 0 0 0 0 0 0 0 0 0 0 | -210] -210 | -210 | -210

130 | 603 0 0 0 0 0 0 0 0 0 0 0 |-603 | -603 | -603

/ 210 | 257 0 0 0 0 0 0 0 0 0 0 0 0 | -257 | -257
8 2&6 1406 1406 | 1406 | 14006 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 1406 | 0O
(klilm) -492 | -428 | -304 | -244 | -35 | 29 | 151 | 210 | 584 | 721 | 748 | 670 | 616 | 241
(klf\l) 4l;t4 39—84 36—66 35—06 29;tl 27—68 24—21 22—47 -841 1 -190 | 20 | 623 | 880 | 2287

- 13792
(mm) | 119 | 107 | 83 70 12 | -10 | -62 | 93 | -695 [3795| 9 [1075| 700 | 106
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